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ABSTRACT
Vertical breakwaters are frequently employed for the protection of harbors in many
areas around the world. Their success is due to the fact that they represent, especially in
relatively deep water, a better alternative in terms of performances, construction speed, and
maintenance costs compared to traditional rubble mound breakwaters. However, they have
suffered in the past from severe damage caused by storms, which have led, in some cases,
to catastrophic failures. In such seas, where the large wave heights generate tremendous
wave forces acting on the breakwaters, a monolithic structure expressly designed to face
rough seas is the so-called sloping top caisson. A sloping top caisson has a superstructure
that is sloped to reduce the wave forces, i.e., the downward forces on the slope cancel the
uplift pressure, thereby reducing the wave pressure on the upright wall. Although this
approach may seem rational, Walkden el al., (2001) warned that, while decreasing the
landward thrust, a large amount of overtopping may cause strong seaward directed
impulsive loadings. During an extremely small set of physical experiments (3 tests only)
conducted on a small scale model of a Hanstholm type breakwater, the authors measured
rear pressure peaks so intense to lead to a seaward sliding force 40 percent larger than the
landward one. In this study, the role of air contribution was significantly highlighted. After
that pioneering study, however, the nature of the overtopping generated impacts has
surprisingly not deepened further. Despite sloping top breakwater has long been used in
the engineering practice (the first was constructed in Naples, Italy, in 1906), detailed reports
on their structural response are very few. In 1994, Takahashi et al. proposed a prediction
method to calculate wave force under the crest phase, which modifies the well-known Goda
formula for vertical walls. The method is based on few regular wave experiments and, at the
author knowledge, has been not further verified. The present thesis discusses main results
of  a numerical investigation conducted with the aim to have a deeper insight on the
structural response of the sloping top caissons subjected to wave overtopping. A
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numerical suite, namely Flow 3D (developed by flow science Inc.), have been employed.
Using 11 random sea states driven by extremely narrow banded spectra, the general
characteristics of the hydrodynamic loadings are studied. Following chapters form the basis
of this thesis: Chapter 1  provides  a  general  overview  of  the  vertical  and  composite
breakwaters with their historical background. Chapter 2 gives a literature review of vertical
breakwater failures and their respective origin. Then the previous theoretically and
experimentally studies regarding wave force including pulsating and impulsive load are
covered. A summary of pressure impulse theory, developed by Cooker and peregrine, is also
presented in Chapter 2. Chapter 3 discusses sloping top breakwaters and current design
method proposed by Takahashi et.al (1994). The problem of impulsive load particularly in
seaward direction is also treated. Chapter 4 presents numerical setup of CFD based
simulation of wave-structure interaction. In this phase, much attention has been drawn to
take the effect of the air into account. Primary results including evaluation of hydraulic
performance and comparison with previous experiment methods are also reported Chapter
5 gives main results of a CFD study on the structural response of a sloping top breakwater
subject to wave overtopping. The analysis showed that the transmitted wave field act to
increase both the landward and the seaward forces and that the conventional design
methods may be not adequate to guarantee an appropriate degree of safety to the structure.
Three impulsive wave loading mechanisms on the back of the structure due to wave
overtopping were identified. The study also confirmed the previous finding by Walkden et
al. (2001), which noticed the existence of strong impulsive loadings on the inner face of the
wall, due to violent overtopping events. However, a large underestimation was observed to
estimate pressure impulse using the proposed method.
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CHAPTER 1
INTRODUCTION
1.1 General introduction
Harbor protection is generally accomplished with the building of breakwaters. In short,
breakwaters are designed to provide a tranquil basin protected from waves harbor or for ships and
to shield port facilities (Fig. 1.1). Breakwaters are also developed to enhance maneuvering
conditions at port entries and to assist regulate sedimentation by guiding currents and by
developing areas with varying levels of wave disturbance. As a matter of fact, for harbors
vulnerable to rough seas, breakwaters play a crucial role in port operations.
Figure 1.1- Typical layout of a harbor
Breakwaters can be classified into two main types:
· Rubble mound structures with permeable and rough side slopes: a typical rubble mound is
defined as a mound of random-shaped and random- placed stones protected with a cover
layer of selected stones and specially shaped concrete armor units (armor units in the
primary cover layer may be placed in an orderly manner or dumped at random). Rubble
mound breakwaters use more material per cross-section than vertical breakwaters but due
to their relatively simple construction method, they prove to be cheaper than vertical
breakwaters.
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· Vertical (monolithic, or caisson type) structures which are impermeable and solid with
vertical or very steep faces. Figure (1.2) illustrates three different types of vertical
breakwaters as follows: a vertical caisson breakwater which is placed on a thin (rubble
mound) foundation layer, a caisson breakwater which is placed on a thick rubble mound
foundation (a vertical composite caisson breakwater) and a caisson breakwater which is
placed on a thin (rubble mound) foundation layer and which is armored by a protection
(artificial as well as natural armor units are possible). A caisson is in fact a hollow - in most
cases - concrete box which is filled with sand after it has been placed at the right spot.
Figure 1.2- Three different types of vertical breawaters [Oumeraci 1994(a)]
Selection of one type of breakwater structure or another for harbor protection depends first and
foremost on local site conditions. The selection of a breakwater structure normally takes into
account the following:
· Breakwater layout
· Site environmental conditions
· Utilization conditions
· Availability of construction materials and specialized floating construction equipment
· Cost of construction
· Cost of maintenance
Figure (1.3) illustrates several types of composite breakwater having different types of the upright
section. The upright wall made from block masonry, in which many different methods were
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applied to strengthen the interlocking between the blocks, was most popular in the 1800s (Fig. 1.3
b). Sometimes, concrete cellular blocks have been used to form the upright wall of vertical
breakwaters (Fig. 1.3 c). However, the invention of the floated-in concrete caissons (Fig. 1.3 d),
made breakwaters more reliable, and many breakwaters that comprised these caissons were
constructed worldwide. Subsequently, caisson-type breakwaters have been improved by using a
sloping superstructure or a perforated wall (Figs. 1.3 e and 1.3 f).
This study emphasizes sloping top breakwaters and respective hydraulic response in different sea
state.
Figure 1.3- Composite breakwaters: (a) monolith concrete block; (b) block masonry; (c) cellar block; (d)
upright caisson; (e) sloping top caisson; (t) perforated wall caisson.
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Table 1.1- Review of vertical breakwater failures
BREAKWATER
(COUNTRY, YEAR)
MAJOR REASONS FOR FAILURE
(MAJOR MODE OF FAILURE)
Madras
(India,1881)
Breaking waves, Overtopping, Scour and erosion.
 (Seaward tilt)
Bizerta
(Tunesia, 1915) Breaking waves, Overtopping, Erosion of rubble mound foundation
Valencia
(Spain,1926)
Exceedance design wave, Breaking waves, Overtopping, Seabed scour (seaward tilt)
Antofa-Gasta
(Chile,1928-29) Exceedance design wave, Non-monolithicity, Breaking wave
Catania
(Italy,1930-33)
Exceedance design wave, Non-monolithicity, Breaking waves, Overtopping, Differential settlement
(Sliding and seaward tilt)
Genoa
(Italy, 1955)
Exceedance design wave, Non-monolithicity, Breaking waves, Wave overtopping
(Sliding)
Algiers
(Algeria,1930,1934)
Exceedance design wave, Breaking and overtopping, Differential settlement, Seabed scour, Erosion of rubble
mound foundation  (seaward tilt)
Niigata
(Japan,
1976)
Breaking waves, Overtopping, Differential settlement
(seaward tilt)
Bari
(Italy,
1974)
Exceedance design wave, Wave breaking, Erosion rubble mound foundation
Palermo
( Italy,
1973)
Exceedance design wave, Wave breaking, Erosion rubble mound foundation
Naples
(Italy,
1987)
Wave breaking
 ( sliding and overturning)
Mashike (Japan) Exceedance design wave, Wave breaking Overtopping (non-completed at head)(sliding = 2.9 m)
Fukaura (Japan) Wave breaking Overtopping (non-completed at head) Erosion of rubble mound foundation(sliding = 3m)
Sakata (Japan) Exceedance design wave, Wave breaking, Differential settlement(sliding and shoreward tilt)
Onahama (Japan) Wave breaking, Erosion of rubble mound foundation (sliding)
Niigata- West Jetty (Japan) Wave breaking, Overtopping Erosion of rubble mound foundation(sliding = 26 m)
Niigata- West Breakw. (Japan) Wave breaking, Overtopping, Differential settlement
Breakwater
(country, year)
Major reasons for failurE
(major mode of failure)
Ventotene (Italy, 1966) Wave breaking, Erosion of rubble mound foundation
(sliding)
Rumoi (Japan) Wave concentration at bound, Erosion of rubble mound foundation
Ishikari-New port (Japan) Seabed scouring, Erosion of rubble mound foundation
Oshidomari (japan) Settlement, Erosion of rubble mound foundation (S-shape), Wave breaking
 (sliding = 4.1 m)
Miyako (japan) Wave breaking, Overtopping, Erosion of rubble mound foundation
(sliding= 1.5 m)
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Vertical breakwaters are extremely sensitive to foundation failure, such as slip, settlements, sliding
or failure of the monolithic structure itself. This is a first indication of the fact that the design of a
vertical breakwater may be more complicated than the design of an ordinary rubble mound
breakwater. Because of this fact, vertical breakwaters have almost been abandoned except in
countries like Italy and Japan. However, a number of important (scientific) developments which
might promote the revival of vertical breakwaters have taken place in the last decades and
nowadays vertical breakwater are becoming more and more of interest due to the increasing
draught of vessels and off-shore land reclamations in deep water. Table 1.1, reported by Oumeraci
(1994), shows the major reasons for failure of vertical breakwaters in different countries.
 Upright section of a vertical breakwater must be stable against the overall (Fig. 1.4) and local
(Figure 1.5) failure modes. The former is concerned with a wall's stability against sliding,
overturning, and overstressing the foundation material, as well as with the general stability of the
nibble foundation, and the latter concerns mainly erosion beneath both the seaward and shoreward
edges of the wall, seabed scour, and toe erosion and in some instances with the nibble punching
failure at both edges of the wall.
Figure 1.4- Overall failure modes of vertical breakwater: (a) sliding; (b) overturning; (c) and (d)
settlement due to foundation failure. 1, Upright section; 2, rubble foundation (mattress); 3, slip surface.
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In most practical cases, in vertical wall breakwater analysis, the safety factor against sliding used
is 1.4 to 1.6, and against overturning it is 1.5 to 2.0. A rather high safety factor against overturning
is normally recommended to avoid the "hummering" effect of the rubble foundation.
Figure 1.5- Local failure modes of vertical breakwater: (a) erosion and/or punching failure of rubble
mattress at seaward and/or shoreward edges; (b) seabed scour and mattress erosion. 1. Upright section; 2.
Rubble foundation (mattress); 3. Original profile of seabed and rubble foundation; 4. Scour in front of the
upright section; 5. Potential failure plane.
However, in many instances, wall sliding stability is more critical than overturning, especially for
breakwaters with a low crown. The dynamic response and sliding stability of vertical breakwaters
is discussed in Takahashi et al. (1994), and PIANC (2003).
1.2 Objectives of the thesis
The application of computational ﬂuid dynamics (CFD) methods to various problems in the ﬁeld
of coastal and ocean engineering is gaining importance due to the level of detail and accuracy
oﬀered by these methods. With the advances made in the computing power over the last decade
and anticipated future increase in computational power, large and complex problems can be
handled using CFD modeling.
 Here in the current study this application has been employed to simulate interaction between sea
waves and a specific type of vertical breakwater i.e. sloping top caisson. In other words, the main
objective of this thesis is a CFD based investigation of structural response of a sloping top caisson
subject to wave overtopping. As it has long been known, wave loads on vertical breakwaters or
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seawalls may conveniently be divided into two categories, pulsating (or quasi-static) and impulsive
(or impact). Pulsating pressures change relatively slowly (approximately 0.2 and 0.5 times a wave
period) while the impulsive pressures caused by breaking waves are large and much higher than
pulsating pressures, but of shorter duration (approximately 0.01 of the mean wave period or
shorter). In this study, forces on the outer and inner face of the structure are separately analyzed
and detailed descriptions of both types of wave loadings acting on the structure are given.
Particular attention has been drawn to the landward and seaward directed loads to determine the
sliding tendency. Furthermore, it was tried to present a deeper understanding of seaward impact
loading induced by wave overtopping which is believed to be the cause of seaward-directed sliding
and overturning failures.
1.3 Organization of the thesis
Following chapters form the basis of this thesis:
Chapter 1 provides a general description of the vertical and composite breakwaters along with
review of major reasons for their failure.
Chapter 2 gives a literature review of pervious theoretically and experimentally studies related to
the wave force including pulsating and impulsive load.  A summary of pressure impulse theory,
developed by Cooker and peregrine, is also presented in Chapter 2.
Chapter 3 discuses about sloping top breakwaters and current design method proposed by
Takahashi et.al (1994). The problem of impulsive load particularly in seaward direction is also
treated.
Chapter 4 presents numerical setup of CFD based simulation of wave-structure interaction. In this
phase, much attention has been drawn to take the effect of the air into account. Primary results
including evaluation of hydraulic performance and comparison with pervious experiment methods
are also reported
Chapter 5 gives main results of a CFD study on the structural response of a sloping top breakwater
subject to wave overtopping. The analysis showed that the transmitted wave field act to increase
both the landward and the seaward forces and that the conventional design methods may be not
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adequate to guarantee an appropriate degree of safety to the structure. Three impulsive wave
loading mechanisms on the back of the structure due to wave overtopping were identified. The
study also confirmed the previous finding by Walkden et al. (2001), which noticed the existence
of strong impulsive loadings on the inner face of the wall, due to violent overtopping events.
However, a large underestimation were observed to estimate pressure impulse using proposed
method.
Chapter 2. Wave forces and impacts on a conventional vertical breakwaters.
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CHAPTER 2
WAVE FORCES AND IMPACTS ON A CONVENTIONAL VERTICAL
BREAKWATERS
2.1 Introduction
At the end of the seventies and at the beginning of the eighties, catastrophic failures were
experienced by a series of large rubble mound breakwaters. This shock to the profession was
comparable to the first shock half a century earlier, as several vertical breakwaters collapsed. The
irony of the technical development which followed these two events was that in both cases the
profession returned to old solutions and concepts that appeared to have been almost abandoned.
The failed vertical breakwaters were rebuilt as conventional rubble mound structures, and for the
rehabilitation of the damaged rubble mound breakwaters with concrete armor units the old berm
breakwater concept was rediscovered. The principal difference between the two cases certainly
lies in the attitudes adopted by the profession with regard to the further application of such
structures. After the first shock in the thirties, the vertical breakwater was almost abandoned,
except in some countries like Japan, Taiwan, China, Korea and Italy, in favor of the rubble mound
type. On the other hand, the second shock in the eighties gave rise to extensive research activities
towards improving the design and construction of rubble mound breakwaters. The latter certainly
represents the better attitude, although no definitive solutions to the most urgent problems
(structural strength of armor units, geotechnical stability, crown-wall stability etc.) have yet been
achieved. Meanwhile, the need for breakwaters at greater depths to suit the increasing draught of
large vessels in the last decades has made the costs of such structures more prohibitive
(construction costs in the range of US$100.000 per linear meter structure). In this respect,
monolithic structures may represent a better alternative, in terms of performance, total costs,
standardization, quality control, environmental aspects, construction time and maintenance. In
addition, the situation is quite different from that in the thirties, since a number of important
developments which might promote the revival of vertical breakwaters have taken place in the last
decades. These are for instance:
1. Availability of more reliable wave observations, wave records, meteorological data and
sophisticated wave hindcast and refraction models;
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2. Considerable knowledge which has been accumulated since the thirties with respect to
wave breaking and impacts on structures;
3. Remarkable development of hydraulic modeling by using irregular waves and further
sophisticated techniques for the measurement of transient loading and response of
structures;
4.  Availability of large-scale testing facilities (super wave tanks) in which the dynamic,
hydraulic   and geotechnical aspects can simultaneously be investigated;
5. Developments in the offshore oil industry, especially with regard to the numerical
modeling of wave-structure-soil interaction, as well as to the technology of caisson
structures and marine foundation work.
 In this respect, a large experience in the technology related to breakwaters has also been
accumulated in Japan (Tanimoto et al., 1987; Tanimoto and Goda, 1991; Takahashi et al., 1992;
Tanimoto and Takahashi, 1994b). The aforementioned, relatively new and ever-increasing need
for protective structures in deeper water, induced by the rapid increase of ship sizes in the last
decades, together with the relatively recent developments enumerated above, constitute a good
opportunity to recover the chance missed in the thirties by learning more from the failures and,
based on the lessons learned, to establish an integrated research program which will allow vertical
breakwaters to get at least as competitive as traditional rubble mound structures.  It is believed that
this action towards the revival of vertical breakwaters should necessarily start with a
comprehensive review of past failures, since one can learn more from these difficult experiences,
where the forces of the sea have prevailed over the defenses of men, than from successful
experiences.
2.2 Structural failure of caisson breakwaters due to wave loads
Franco (1994) summarized the Italian experience in design and construction of vertical
breakwaters. The author gave a historical review of the structural evolution in the last century and
critically described the major documented failures (Catania, 1933; Genova, 1955; Ventotene,
1966; Bari, 1974; Palermo, 1983; Bagnara, 1985; Naples, 1987 and Gela, 1991). According to
Franco, in all cases the collapse was due to unexpected high wave impact loading, resulting from
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the underestimation of the design conditions and the wave breaking on the limited depth at the toe
of the structure.
Takahashi et al. (2000) explained the experiences of caisson breakwater failures and proposed a
design of caisson breakwaters to prevent such failures. Authors noted that the most important cause
of failures of caisson breakwaters is the caisson sliding and breakage due to impulsive wave
pressures. It should also be noted that the rubble mound/rubble foundation of composite
breakwaters is vital to prevent the failure of the upright section by scouring, as well as stabilizing
the foundation against the wave force and caisson weight. Takahashi et al. (2000) described typical
failures of composite breakwaters, they distinguished the following failure modes:
1. Meandering sliding (Sendai Port) due to local amplification of non-breaking waves for
refraction at the structure; this meandering sliding is a typical sliding phenomenon due to
nonbreaking waves. This is caused by diﬀracted waves from breakwater heads in an
oblique wave. (Fig. 2.1)
2.  structural failure due to impulsive wave pressure (Minamino-hama Port) due to impulsive
wave pressure acting on a caisson installed on a steep seabed slope;
3.  scattering of armor for rubble foundation (Sendai Port) due to strong wave-induced current
acting around the breakwater head;
4.  scouring of rubble stones and seabed sand due to oblique waves;
5. erosion of front seabed;
6.  seabed through-wash;
7.  rubble foundation failure;
The authors analyzed 33 major failures occurred between 1983 and 1991, more than 80% of
them were caused by storm waves larger than the ones used in the design. More than 50%
suffered from the application of unexpected wave-induced loads while only 20% were due to
the scour of the foundation.
Goda and Takagi (2000) summarized the failure modes of vertical caisson breakwaters observed
in Japan over several tens of years, listed below in the order of importance:
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Figure 2.1- Meandering failure of caisson
1. Sliding of caissons;
2.  Displacement of concrete blocks and large rubble stones armoring a rubble foundation
mound;
3.  Breakage and displacement of armor units in the energy-dissipating mound in front of a
caisson;
4.  Rupture of front walls and other damage on concrete sections of a caisson;
5. Failure in the foundation and subsoil.
The authors confirm that ruptures of caisson walls are usually reported as occurred under
exceptionally severe wave conditions while the generation of impulsive breaking wave forces is
cited as the major cause of caisson damage together with the wave concentration at a corner formed
by two arms of the breakwater.
Oumeraci (1994c) gave a comprehensive review of analyzed failure cases for both vertical and
composite breakwaters. 17 failure cases were reported for vertical breakwaters and 5 for composite
or armored vertical breakwaters. For vertical breakwaters, the type of structure, the design wave
conditions, the wave conditions responsible for the damage, the water depth conditions, the various
characteristics of the structure and its foundation, the nature of the seabed and the major reasons
for failure are given as far as the information was reported. And For armored vertical breakwaters,
the type of blocks for the protective armor, the design wave conditions, the wave conditions
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responsible for the damage, the water depth conditions, the characteristics of the structure and the
major reasons for failure were given.
2.3 Classification of reasons for failures
For the evaluation of the reasons for failures, it is important that all relevant modes of failure are
considered and that any cause which might have contributed to the resulting failures observed
after the storms should be accounted for.  The reasons which have led to the failures subdivided
into the following three categories which are shown in Table (2.1).
2.3.1 Reasons inherent to the structure itself
Among the reasons for failures which are inherent to the concrete structure and its rubble mound
foundations, one may distinguish the inadequacy of the concept of reflective structures (vertical
structures have to reflect all the incoming wave energy), the crest level of the rubble mound
foundation which is generally too high, and the crest level of the concrete structure which is too
low. In addition, there are further reasons related to the non-monolithicity of the structure and the
weakness of the concrete material.
Outdated reflective breakwater concept
Heavy storms are characterized by highly irregular and short crested waves. Wave breaking at the
wall may occur, even in deep water, due to wave-wave interaction. Therefore, vertical breakwaters
do not always work as reflective structures. The occurrence of wave breaking must always be
considered and does, in fact, represent the most important cause of damage (Oumeraci, 1994c).
Moreover, the trend is rather towards increasing use of dissipating low reflection caisson
alternatives (Takahashi, 1996; Oumeraci et al., 2000).
Non-monolithicity of the structure and weakness of the concrete
The non-monolithicity of the structure has generally led to two principal modes of failures:
1. Shoreward sliding of the superstructure and the underlying upper two or three layers of
unbonded blocks, essentially caused by the impact of breaking waves in this area.
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2. The collapse of the superstructure (generally seaward tilt) and development of a small
breach which is then widened by wave action. This generally occurred where differential
settlements were observed.
Table 2.1- Reasons for the failures of vertical structures.
Reasons Inherent to the
 structure itself
Inadequacy of the  "concept of reflective structures"
Non-monolithicity of the structure
Too low crest of the structure
Too high Too berm
Reasons inherent to hydraulic
 conditions and loads
Exceedance of wave design conditions
Wave concentration  along the structure
Wave breaking & Impact load
Wave overtopping
Reasons inherent to
foundation and seabed
morphology
Unfavorable  seabed topography
Scour end erosion
Settlement
Slip failure (shear)
This reason is, however, less important since the modern caisson used nowadays for vertical
structures are necessarily monolithic structures made of good concrete.
Low structure crest and high toe berm
By examining the structures which failed and which were built as "vertical breakwaters", it can
easily be seen that most of them had too high a toe berm. On the other hand, most of the
damaged structures had a low crest and were hence heavily overtopped.
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Figure 2.2- Seaward tilt of vertical breakwaters.
As a result, heavy wave overtopping and breaking on the structure took place which generally led
to differential settlements, thus resulting in the seaward tilt of the breakwater, irrespective of the
type of structure (breakwaters of Madras, Valencia, Catania, Algiers and Niigata). The actual
reasons for this "abnormal" behavior and the "abnormal" forces which prevailed are still not
understood. Two examples for the seaward tilt of low crest vertical breakwaters are shown in
Figure (2.2).
2.3.2 Reasons inherent to hydraulic conditions and loads
Among the reasons due to hydraulic influencing factors and loads there are the exceedance of
design wave conditions, the focusing of wave action at certain zones along the breakwater, wave
breaking, subsequent impact loads and wave overtopping.
Exceedance of design wave conditions
Generally, the maximum wave height with a return period of 20 to 100 years is used for design.
This is not justified in the sense that the largest waves may not reach the structures due to breaking
and that lower waves may be even more critical. Further, incremental weakening of the foundation
and other structural components sensitive to cyclic loads are caused by moderate wave conditions
Therefore, and for reasons which will become more apparent design wave load criteria should be
adopted, which can account for both sudden failure caused by an extreme single wave and gradual
failure under moderate but repetitive wave loads.
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Concentration of wave action at certain zones along the breakwater
During severe storms, wave action was generally focused at certain zones along the breakwater
where the wave height exhibits an increase in the range up to 20% as compared to the other
sections. Moreover, sometimes, a number of small breaches developed at regularly distributed
distances from each other, the first breach starting generally near the head. In other cases, the
concentration of wave action was characterized by the occurrence o f a huge breaking and
overtopping wave acting over a large front width and suddenly opening a breach of about the same
width in the structure (for instance 150 m in the case of Mustapha Breakwater) which is then
widened by the following waves. A further concentration of wave action was also observed at
singular points of the breakwater like heads, bounds, and junctions between two different types of
structure.
Breaking waves and wave impact loads
Wave breaking and breaking clapotis represent the most frequent damage source of the disasters
experienced by vertical breakwaters. The recognition of this fact had led to the development of
extensive experimental research activities on impact loading of structures subject to breaking
waves. Figure (2.3) shows a wave hitting the oﬀshore side of a caisson at Minamino-hama Port.
The breakwater forms a jetty type breakwater designed to protect small ferry boats, with its rear
side to be used as a quay wall. Big splash in the photo is typical when an impulsive breaking wave
force act on the vertical wall. During a typhoon, waves equivalent to the design wave or larger
attacked the breakwater head caisson from the breakwater alignment direction. Plunging breakers
almost completely destroyed the caisson at the breakwater head. In fact, wave breaking was often
observed during the most severe storms which preceded the disasters, even in water depths where
breaking (due to shoaling) was not expected at all. Caisson damage started when the sidewall of
the caisson began breaking, then progressed to the whole caisson. Such caisson breakage was
caused by impulsive wave pressures acting on a caisson installed on a steep seabed slope.
Impulsive wave pressures occur when the vertical wall is attacked by an almost vertical wave front,
and therefore larger vertical wave front due to plunging or surging breakers gives larger impact
pressures. The common modes of failure caused by the horizontal wave load due to plunging
breakers are sliding, shear failure of the foundation, but rarely overturning (Goda, 1973).
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Figure 2.3- Impulsive wave pressure.
Wave overtopping
Wave overtopping is generally considered an important aspect of the functional design, but it is
often overlooked that it may be an important cause of structural damage. The observations reported
so far show that all the structures were heavily overtopped by the wave(s) which provoked the
collapse. A number of suggestions have been advanced to explain the mechanisms which had led
to the collapse of monolithic structures under overtopping conditions (Miche, 1933; Lira, 1935),
but they rather appear of speculative nature. Although the failure mechanisms and the loading
associated with wave overtopping are still not fully understood, it has been shown that when
excessive overtopping occurred breakwaters tilted seaward instead of shoreward; In fact, the
relatively low crested structures allows a large amount of wave energy to be transmitted by
overtopping, thus producing "abnormal forces" which are prejudicial to the stability against
seaward tilt.
2.3.3 Geotechnical and other 'hidden' progressive failures
Sufficient attention has not yet been paid in the codes of practice to failure modes, associated with
instability of the foundation and of the seabed, which very often remains hidden until collapse
occurs. Even the PIANC-Committee of 1976 did 'not feel competent to examine the soil
mechanics' problems involved' (PIANC, 1976): Considerable efforts have since then been devoted
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to this issue (De Groot et ea., 1996; PIANC, 2001) and it has been shown that conventional bearing
capacity calculations are not sufficient. Seabed scour is another neglected design issue. The
complexity of the transient and cyclic phenomena involved in the wave-structure-foundation
interaction, as well as the accumulation of irreversible soil deformations, require a deeper insight
into the incremental weakening of the seabed and its application in design, construction, and
maintenance.
2.4 Design of caisson breakwaters
2.4.1 Outline of design procedures and general considerations
 The main function of a breakwater is to provide sufficient protection against waves. Wave
transmission or its effect on the functionality (ship motion at berth, etc.) of the sheltered area must
be reduced to an acceptable level, which strongly depends on the purpose of this area, the types of
vessels, mooring conditions, etc. Besides wave transmission, wave reflection and overtopping may
also be of importance. However, before the breakwater fails completely in fulfilling its main
function, a number of other failures, associated with loss of stability of the foundation and/or loss
of structural integrity, have often taken place. Therefore, it is one of the main design tasks to
properly analyze such failure modes. For this purpose, the design wave parameter at the structure,
the design wave loads and the associated responses of the structure and its foundation should be
predicted. An overview of the overall design procedure, which is far from being exhaustive, is
shown in Figure (2.4). The uncertainties associated with the predicted wave heights, forces, etc.
are indicated by a coefficient of variation (CoV), which is defined as the standard deviation divided
by the mean value of the variable considered. The following sections in this chapter focus on wave
loads and stability analysis, preceded by a brief description of other aspects of hydraulic
performance such as wave reflection, wave overtopping and associated wave transmission over
the breakwater.
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Figure 2.4- Flow chart of overall design procedure (adopted from Oumeraci et.al 2001)
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2.4.2 Hydraulic performance
Wave Transmission and Reflection.
When waves act on vertical breakwaters, some energy of the incident waves is dissipated, and
some of the remaining energy is reflected and generates reflected waves in front of the wall; the
rest of the wave energy is transmitted and yields the waves transmitted behind the breakwater.
Wave reflection sometimes presents a problem because of the additional agitation it may create in
a port basin. The minimization of wave transmission is important in breakwater design because
the principal function of a breakwater is to prevent wave propagation from occurring, thereby
creating a calm water area behind the breakwater. The amount of wave reflection and transmission
is usually determined by the wave reflection (KR) and wave transmission (KT) coefficients, which
are defined as follows: KR = HR/HI, and KT = HT/HI, where HI is the incident wave height, HR is
the reflected wave height, and HT is the transmitted wave height, all of which usually correspond
to the significant wave.
Wave Transmission.   Transmitted waves are caused by wave transmission through the structure
and overtopping. Transmission coefficients related to both causes are denoted as KTt and  KTo,
respectively, with the total transmission coefficient KT being expressed as:
ܭ் = (ܭ்௧ଶ + ܭ்௢ଶ )଴.ହ										(2.1)
Transmitted waves created by overtopping waves have a complicated form with high-frequency
components. They are produced by waves generated at the lee which result from the impact of the
fall of the overtopping mass. Therefore, in general, the wave height and period transmitted are
different from those of incident waves; that is, the wave period of transmitted waves is generally
smaller.
Another phenomenon worthy of note is that transmitted irregular waves change characteristics as
they propagate over a long distance; for example, distributions of wave height and period vary
with the distance away from the breakwater. Wave transmission by vertical wall breakwaters is
mainly by overtopping; therefore, the ratio of a breakwater's crest height Rc to the incident wave
height HI is the principal parameter governing the wave transmission coefficient. Based on regular
wave tests, Goda and Kakizaki (1966) proposed the following equations for determination of the
transmission coefficient for vertical breakwaters.
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ܨ݋ݎ	ߚ − ߙ < ܴ௖
ܪூ
< ߙ − ߚ
ܭ் = ቊ0.25 ൤1 − sin	( ߨ2ߙ)(ܴ௖ܪூ + ߚ)൨ଶ + 0.01(1− ℎᇱℎ )ଶቋ଴.ହ 										(2.2)
ܨ݋ݎ	
ܴ௖
ܪூ
≥ ߙ − ߚ
ܭ் = 0.1(1 − ℎᇱℎ )
Where coefficients ߙ = 2.2 and ߚᇱ	is obtained from Figure (2.5) in which d is the depth above the
armor layer of the rubble foundation and h is the water depth in front of the breakwater. h' also
denotes the distance from the design water level to the bottom of the caisson. Although according
to Takahashi (1996), Equation (2.2) is based on regular wave tests, it is also applicable to the
transmission coefficient of irregular waves with significant wave height. For example, most
breakwaters in Japan are designed with a relative crest height Rc /  H1/3 = 0.6, where H1/3 is the
design significant wave height. In this case the transmission coefficient calculated from Equation
(2.2) is then equal to about 0.2 for the typical conditions d/h=0.6 and h'/h=0.7.
Figure 2.5- Nomograph for determining the factor ߚ = ݂(݀/ℎ)
Wave reflection. Waves that usually exist in front of the vertical breakwaters are standing waves,
reflected by the wall. The reflection coefficient of vertical wall breakwaters is generally high,
although less than 1.0, usually due to effects of the rubble-mound foundation and/or wave
ߚᇱ
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overtopping. The wave reflection coefficient, KR, is considerably reduced when breaking waves
act on the breakwaters. Figure (2.6) shows the results from two series of experiments using various
wave conditions which are represented by the incident significant wave height H1/3 and the
wavelength L1/3 corresponding to the significant wave period T1/3 (Tanimoto et al., 1987). In the
first series, the relative thickness of the rubble-mound foundation to the water depth, d/h, is
primarily changed, whereas the relative crest height of the upright sections to the water depth, Rc/h,
is changed in the second series.
Figure 2.6- Reflection coefficients of vertical breakwaters. [From Tanimoto et al. (1987).]
Wave overtopping
Outline of the design problem.   The crest level of the breakwater must be high enough to prevent
excessive wave overtopping. Too much overtopping may cause unacceptable wave transmission,
leading to damage to berthed ships, installations, vehicles and pedestrians on and behind the
structure as well as to interruption of cargo-handling operations. Wave overtopping may also
influence breakwater stability in the sense that the wave loading changes as compared with non-
overtopping conditions. In order to apply the principle of overtopping-based design for
determination of the crest elevation more efficiently, it is necessary to have reliable tools to predict
the expected overtopping quantities and to decide on allowable limits for overtopping with regards
to structural and functional integrity.  Figure (2.7) shows a picture of Samphire Hoe during a storm
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where a wave impacted on the vertical wall and jumped high into the air. Under such conditions,
even very large relative freeboards will get overtopping.
Determination of wave overtopping.   The governing parameter is the relative freeboard Rc/ Hs.
Other parameters are the breakwater type, the geometry of the superstructure, the foreshore
topography, the direction of short-crested waves, wind, etc. The degree of wave overtopping may
be measured in two ways:
1.  As a mean overtopping discharge q per time unit and per unit length of the breakwater
(L/s/m), which is particularly useful for the design of the drainage system.
2.  As an individual overtopping volume V per wave and per unit length of the breakwater
(m3/m), which is required to assess structural damage and impacts on vehicles, pedestrians,
etc.
3.
Figure 2.7- Violent wave overtopping at Samphire Hoe (picture courtesy of Eurotunnel and the White
Cliffs Countryside Project).
Although the single-wave volume V represents damaging effects of wave overtopping much better,
the available formulae and allowable limits only include the mean discharge q. Due to the
complexity of the processes involved and a large number of parameters, wave overtopping
conditions are best determined by scale-model tests. For vertical breakwaters or seawalls, in the
absence of wave breaking, the inﬂuence of the wave period seems very small or nonexistent, and
the easy formulation of Equation (2.3) with simple values for aq and bq has become a trusted design
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formula. Early work by Franco et al. (1994) for relatively deep water gave aq = 0.2 and bq = 4.3,
whereas Allsop et al. (1995) gave aq = 0.05 and bq = 2.78 in conditions of shallower water.
ݍ
ඥ݃ܪ௠଴
ଷ
= ܽ௤	݁ݔ݌ ൬−ܾ௤ ܴ௖ܪ௠଴൰										(2.3)
Where Hm0 is spectral significant wave height and g is gravitational acceleration. The coefﬁcient
aq and exponent bq change depending on structure and wave conditions considered. The exponent
bq takes values of 3.1 for impulsive overtopping at plain vertical walls; 2.7 for broken waves at
plain vertical walls; and 2.9 for composite vertical structures. These exponents are simply the result
of ﬁtting to data; the differences have no basis in any analytical framework or in physical
reasoning. The fact that the exponents are all different makes it difﬁcult to carry out a direct, e.g.,
graphical, comparison between the different but closely related structures and their associated
overtopping responses.
2.5 Wave loading of caissons with plain front walls
 2.5.1 Wave load classification
The local wave climate, the foreshore topography as well as the type and geometry of the structure
including the dimensions of its rubble foundation, govern the wave loading of the structure
(caisson and superstructure). The parameter map in Figure (2.8), which was developed for the
European PROVERBS project (Oumeraci et al., 2001), allows the designer to distinguish between:
1. breaking wave impact loads for which both magnitude and variation with time (load-
time history) are required to perform the dynamic analysis of the response of the structure,
and which therefore needs to be handled with special care;
2.  'Pulsating' wave loads which are assumed to be 'quasi-static', so that standard wave load
formulae and quasi-static stability analysis can be applied.
The principle of the parameter map in Figure (2.8) is the use of three non-dimensional input
parameters, each of which allows the designer to take a decision at the corresponding level. At the
first decision level the relative height of the rubble foundation hb* = hb/h (h being the water depth
at the toe of the mound) governs the type of structure from the wave loading point of view:
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1.  Vertical breakwater for hb* < 0.3 (bedding layer);
2.  Composite breakwater, further subdivided into low mound for hb*= 0.3 to 0.6, moderate
mound for hb*= 0.6 to 0.9 and high mound for hb*= 0.9 to 1.0; and
3.  Crown wall on a rubble-mound breakwater: any monolithic concrete structure on a
mound exceeding a relative height of about 1.0.
At the next two decision levels the loading case is determined by using:
1.  The relative wave height H1/3* = H1/3/h, (H1/3 is the significant local wave height), which
represents a breaker index; and
2.  The relative berm width B* = Beq/L (L is the local wavelength), which accounts for the
effect of the berm width on wave breaking conditions.
In summary, the parameter map enables the designer to identify quickly and simply the conditions
which might lead to breaking-wave impacts.
The latter may occur for:
1.  Vertical breakwaters with large waves (H1/3* > 0.35).
2.  Low mound composite breakwaters with-moderate berm widths (0.12 < B* < 0.4) and
large waves (0.2 < H1/3* < 0.6).
Figure 2.8- Parameter map for classification of loading case (Oumeraci 2001)
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2.5.2 Wave Forces on vertical Walls
Nonbreaking wave force on vertical walls
Non-breaking (pulsating) forces are primarily hydrostatic. Nonbreaking waves are usually
expected where the fetch is limited and when the depth of the structure is greater than about 1.5
times the maximum expected wave height. These loads change relatively slowly and vary in the
same period as the waves do. Traditionally, non- breaking loads were used in the design of the
vertical breakwaters by means of a quasi-static problem. The quasi-static wave loads can be
divided in two phases:
1.  The wave crest encroaches the structure applying a hydrostatic pressure difference. The
vertical wall causes the wave surface to rise up the wall, increasing the pressure difference
across the wall. The force can be easily determined by using simple methods.
2.  The second case is the opposite of above. The wave level decreases (wave trough)
leaving a negative force on the vertical wall. There are few methods to predict wave
loadings under trough phase.
Small-amplitude-wave theory.   Non-breaking wave loads on a vertical wall (Fig. 2.9) can be
derived from the linear wave theory and its pressure distribution.
Figure 2.9- Standing wave on a vertical wall
According to the small-amplitude-wave theory with the full reflection of the incoming wave the
maximum pressure is:
݌௠௔௫ = ߩ௪݃ܪூ cosh൫݇(ℎ + ݖ)൯cosh(݇ℎ) 																݂݋ݎ		 − ℎ < ݖ < 0				
Chapter 2. Wave forces and impacts on a conventional vertical breakwaters.
27
݌௠௔௫ = ൬1 − ݖܪூ൰ ߩ௪݃ܪூ 																					݂݋ݎ			0 < ݖ < ܪூ 										(2.4)
Where HI is wave height (incoming wave), h is water depth, ߩ௪ 	is water density, g is gravitational
acceleration and k is wave number (2π/L, where L is wave length).The force per linear meter of
the structure length results from integration to the water depth.
ܨ = ∫ ߩ௪݃ܪூ ୡ୭ୱ୦൫௞(௛ା௭)൯ୡ୭ୱ୦(௞௛) ݀ݖ + ∫ ቀ1 − ௭ு಺ቁ ߩ௪݃ܪூு଴଴ି௛ = ߩ௪݃ܪூ ቀ ୱ୧୬୦	(௞௛)௞௖௢௦௛(௞௛) + ு಺ଶ ቁ										(2.5)
This formula will usually be replaced by the method of Sainflou. This method applies a wave
theory of a higher order.
Method of Sainflou.  In 1928, Sainflou introduced a wave pressure formula for standing waves
that was based on trochoidal wave theory. His method simplified wave pressure theory and
provided wave pressure distributions at the wave crest and trough (Fig. 2.10). Accordingly, wave
pressure at a wave crest is determined by the following equations:
Figure 2.10- Simplified Sainflou wave pressure diagram
ଵܲ = ( ଶܲ + ߱଴ℎ) ൬ ܪ + ℎ଴ܪ + ℎ + ℎ଴൰										(2.6)
ଶܲ = ߱଴ܪcosh	(2ߨℎܮ ) 																																					(2.7)
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Whereas the pressure at the wave trough is determined from the following formulation
ଵܲ
ᇱ = ߱଴(ܪ − ℎ଴)																						(2.8)
ଶܲ
ᇱ = ଶܲ = ߱଴ܪcosh	(2ߨℎܮ )													(2.9)
ℎ଴ = ቆߨܪଶܮ ቇ coth ൬2ߨℎܮ ൰							(2.10)
In Equation (2.6) through (2.10), H is the height of the original free wave (in water depth h) and
ho, is the height of the clapotis orbit center (mean water level at the wall) above the still water
level (SWL). The symbol ߱଴ also stands for the specific weight of sea water (=ߩ௪݃). In general,
the Sainflou formula correctly describes the standing-wave pressure and has been used all over the
world for many years. The advantage of the Sainflou method has been ease of application, since
the resulting pressure distribution may be reasonably approximated by a straight line. Experimental
observations by Rundgren (1958) have indicated that Sainflou's method overestimates the
nonbreaking wave force for steep waves. The higher-order theory by Miche (1944), as modified
by Rundgren (1958), to consider the wave reflection coefficient of the structure, appears to best fit
forces measured experimentally on vertical walls for steep waves, while Sainflou's theory gives
better results for long waves of low steepness.
Breaking Wave Forces on Vertical Walls.
Waves breaking directly against vertical face structures exert high, short-duration dynamic
pressures that act near the region where the wave crests hit the structure. Impact pressures are
generally higher than quasi-static wave loads but are of shorter duration. Work by Bagnold (1939)
laid foundations for much subsequent research on wave impacts on coastal structures. Impact
pressures were observed to vary greatly even for ﬁxed nominal conditions, but the pressure impulse
(deﬁned as the integral of pressure over time) was far more repeatable. Bagnold (1939) found that
impact (impulsive) pressures occur at the instant that the vertical front face of a breaking wave hits
a wall and only when a plunging wave entraps a cushion of air against the wall. Impulsive wave
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pressure is one of the most important problems in the design of a vertical breakwater, and its effects
on breakwater performance must, therefore, be evaluated thoroughly.
Minikin (1963) has developed a procedure for calculating breaking wave forces on vertical
breakwaters. According to Minikin, the maximum dynamic pressure from a breaking wave is
assumed to act at the SWL and could be determined by the formula:
݌ௗ = 101߱଴ܪ௕ܮ஽ ℎܦ (ܦ + ݀ௗ)										(2.11)
Where ݌ௗ  is the maximum dynamic pressure, ߱଴  is Specific weight of water, Hb the breaker
height, LD the wave length in water of depth D, h the depth at the toe of the wall, and D the depth
one wave length in front of the wall. The pressure distribution of dynamic pressure is shown in
Figure (2.11).
Figure 2.11- Minikin wave pressure diagram on vertical wall
The pressure decreases parabolically from Pd at the SWL to zero at a distance of Hb/2 above and
below the SWL. The force represented by the area under the dynamic pressure distribution is
determined from:
ܴௗ = ௗܲܪ௕3 										(2.12)
The hydrostatic contribution Rs to the dynamic force Rd must be added to determine the total force
acting on a vertical wall. More recent studies (Allsop et al., 1996c) demonstrated Minikin's
formulas as above to be qualitatively incorrect since Rd in Equation (2.12) decreases with
increasing incident wave length LD, as well as dimensionally inconsistent. Such model is
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commonly used in the design practice (especially in the United States of America) and is still
recommended in the last version of the Coastal Engineering Manual (CEM).
Takahashi model.   Takahashi et al. (1992, 1994a,b) developed a simplified model of the
impulsive wave pressures as a function of a wave's attacking angle, β, and the wave curvature
angle, ߜ	(Fig. 2.12). These investigators found that the maximum average wave pressure intensity
(݌/߱଴ܪ ) that appears in the transition region (ߜ	>  β >  0)  and  its  duration  time, ߬  can be
approximated as follows:
݌
߱଴ܪ
= 0.4ߨܭ௠ଶ
ܭఈ
ℎ + 0.75ܪ
ℎᇱ + ܴ௖
																					(2.13)
߬ = ߨ(ߨ߱଴ܭ௠ଶܭ௟ଶܭఈܪଶ
4ߛ݃ ଴ܲ
)଴.ହ																									(2.14)
km  an added mass correction factor (for practical calculations, km is usually assumed equal to
0.83); kl  the impulsive height coefficient (kl is the ratio of the wave-front height l to the wave
height H; theoretically, it ranges from 0 to 1, although it is usually used as 0.4 to 0.9); ka, the air
thickness coefficient (ka is related to β and ߜ, and its minimum value is approximately on the order
of 0.01 to 0.1); h the water depth; h' the water depth at the bottom of the wall; ߛ	the specific heat
ratio, = 1.4; P0 the atmospheric pressure.
Figure 2.12- Three basic type of impulsive pressure. (From Takahashi et.al. 1994)
From Equation (2.13) it is obvious that the intensity of the impulsive pressure increases as the
wave-front height increases and the amount of entrapped air decreases. As stated by Takahashi
(1994), despite the fact that the impulsive pressure acts directly on the vertical wall, the total
upright section of the breakwater responds dynamically to this pressure as a part of the elastic
system, which includes the upright section, the rubble mound, and a seafloor soil. This results in a
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significantly reduced shear force that may cause the upright section to slide (Hayashi and Imai,
1964; Ito et al., 1966). For more information on the effects of breaking waves on vertical
breakwaters, readers are referred to Oumeraci et al. (1993).
Hiroi formula.  Hiroi (1919) developed a wave pressure formula using the analogy of the
hydrodynamic pressure. His formula is based on field measurements obtained by Stevenson-type
pressure gauges (Stevenson, 1886) and is applied to breaking waves in relatively shallow seas. The
pressure distribution is assumed to be uniform along the vertical wall face as is shown in Figure
(2.13). The · wave pressure p at the wave crest is obtained from
ܲ = 1.5߱଴ܪ										(2.15)
Where H is the design wave height. The wave crest elevation is assumed to be at the height
ߟ∗= 1.25H above the still-water level.
Figure 2.13- Wave pressure diagram in accordance with the Hiroi pressure formula
The Hiroi formula is very simple, yet it reasonably accurately describes the design pressure
developed by breaking waves; it was used for many years in Japan until the development of the
Goda formula. In the Hiroi formula, the design wave is usually assumed to be H1/3. However, the
difference between the maximum wave height and the significant wave height, H1/3, is small in
shallow seas. In practical terms, the water depth was used by Hiroi instead of the wave height
when he designed the breakwater built in Hakodate.
Goda Formula.   In 1973, Goda used results of his own theoretical and laboratory studies
published in 1972 to develop a comprehensive formula for calculation of the design wave forces
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acting on vertical wall breakwaters. This formula has been modified later to account for the
effect of the oblique waves. It was successfully used to design the vertical breakwaters built in
Japan. The original formula (Goda, 1973b) has many advantageous features, with the main ones
being as follows:
1. It can be used for all wave conditions (i.e., both for standing and breaking waves).
2. The design wave that is included in Goda formula is the maximum wave height; it can be
evaluated by the provided diagrams and/or equations.
3.  It is partially based on nonlinear wave theory and can represent wave pressure
characteristics by considering two pressure components: the breaking and slowly varying
pressure components. Hence, it can be extended relatively easily for application to different
types of vertical wall breakwaters.
4. The Goda formula clarifies the concept of the uplift pressure on the wall bottom; in this
formula, the buoyancy of the vertical wall in still water and the uplift pressure due to wave
action are defined separately. The distribution of the uplift pressure has a triangular shape.
Subsequently, the Goda formula was extended to include the following parameters:
1. The incident wave direction (Tanimoto et al., 1976)
2. Modification factors applicable to other types of vertical walls
3. The impulsive pressure coefficient (Takahashi et al., 1994b)
In the extended Goda formula, the wave pressure acting on the vertical wall is assumed to have a
trapezoidal distribution both above and below the still water level, whereas the uplift pressure
acting on the bottom of the upright section is assumed to have a triangular distribution as is shown
in Figure (2.14). The buoyancy is calculated using the displacement volume of the upright section
in still water at the design water level. As indicated in Figure (2.14), h denotes the water depth in
front of the breakwater, d is the depth above the armor layer of the rubble-mound foundation, h' is
the distance from the design water level to the bottom of the upright section, and hc is the elevation
of then breakwater above the design water level. The theoretical elevation at which the wave
pressure could be exerted,ߟ∗ and the representative wave pressure intensities P1, P3, and P4 in  a
generalized form are obtained from the following formulations:
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Figure 2.14- Wave pressure diagram in accordance with the Goda pressure formula
ଷܲ = ߙଷ ଵܲ									(2.15)
ସܲ = ߙସ ଵܲ									(2.16)
In which
௨ܲ = 0.5(1 + ܿ݋ݏ߮)ߣଷߙଵߙଷ	߱଴ܪ											(2.16)
ߙଵ = 0.6 + 0.5 ൬ 4ߨℎ/ܮsinh	(4ߨℎ/ܮ൰ଶ 													(2.17)
ߙ∗ = ݉ܽݔ{ߙଵ,ߙଶ}																																										(2.18)
ߙଶ = min ቊ൬1 − ݀ℎ௕ ൰ (ܪ஽/݀)ଶ3 , 2݀ܪ ቋ 			 								(2.19)
ߙଷ = 1 − ቆℎᇱℎ ቇ ൜1 − 1cosh	(2ߨℎ/ܮൠ		 						(2.20)
ߙସ = 1 − ℎ௖∗ߟ∗ 																																																			(2.21)
ℎ௖∗ = ݉݅݊{ߟ∗, ℎ௖}																																												(2.22)
ߟ∗ = 0.75(1 + ܿ݋ݏ߮)ߣଵܪ																								(2.23)
ଵܲ = 0.5(1 + ܿ݋ݏ߮) × (ߣଵߙଵ + ߣଶߙ∗ܿ݋ݏଶ߮)߱଴ܪ																							(2.24)
Where
																				߮ = ݈ܽ݊݃݁	ܾ݁ݐݓ݁݁݊	ݐℎ݁	݀݅ݎ݁ܿݐ݅݋݊ 																									߱଴ = ܵ݌݂݁ܿ݅݅ܿ	ݓ݁݅݃ℎݐ	݋݂	ݏ݁ܽ	ݓܽݐ݁ݎ
																													݋݂	ݓܽݒ݁	ܽ݌݌ݎ݋ܽܿℎ	ܽ݊݀	ܽ	݈݅݊݁ 																																	(߱଴ = ߩ଴݃)
Rc
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																												݊݋ݎ݈݉ܽ	ݐ݋	ݐℎ݁	ܾݎ݁ܽ݇ݓܽݐ݁ݎ	 		ܪ௕ = ݋݂݂ݏℎ݋ݎ݁	ݓܽݐ݁ݎ	݀݁݌ݐℎ	ܽݐ	݀݅ݏݐܽ݊ܿ݁	
ߣଵ,ߣଶܽ݊݀	ߣଷ = ݉݋݂݀݅݅ܿܽݐ݅݋݊	݂ܽܿݐ݋ݎݏ	݀݁݌݁݊݀݁݊	 																															݂݅ݒ݁	ݐ݅݉݁ݏ	ݐℎ݁	ݏ݂݅݃݊݅݅ܿܽ݊ݐ	
																													݋݊	ݐℎ݁	ݏݐݎݑܿݐݑݎ݈ܽ	ݐݕ݌݁ 																																		ݓܽݒ݁	ℎ݁݅݃ℎݐ	, 		ܪଵ/ଷ	
ܪ,ܮ = ݀݁ݏ݅݃݊	ݓܽݒ݁	ℎ݁݅݃ℎݐ	ܽ݊݀	݈݁݊݃ݐℎ 		min{ܽ,ܾ} = ݏ݈݈݉ܽ݁ݎ	ݒ݈ܽݑ݁	݋݂	ܽ	݋ݎ	ܾ	݅݊	ܧݍ.
																												ݎ݁ݏ݌݁ܿݐ݅ݒ݈݁ݕ	 								(2.19)	
																		ߙூ = ݅݉݌ݑ݈ݏ݅ݒ݁	݌ݎ݁ݏݏݑݎ݁	ܿ݋݂݂݁݅ܿ݁݊ݐ			 max{a, b} = ݈ܽݎ݃݁ݎ	ݒ݈ܽݑ݁	݋݂	ܽ	݋ݎ	ܾ	݅݊	ܧݍ.
					(2.18)	
ߙூ = ߙூ଴ߙூଵ																																													(2.25)
ߙூ଴ = ൝ܪ݀ 					ݓℎ݁݊	ܪ ≤ 2݀2.0				ݓℎ݁݊	ܪ > 2݀																		(2.26)
ߙூଵ = ቐ cos ߜଶܿ݋ݏℎߜଵ 																																													ݓℎ݁݊	ߜଶ ≤ 0[(ܿ݋ݏℎߜଵ)(ܿ݋ݏℎߜଶ)଴.ହ]ିଵ													ݓℎ݁݊	ߜଶ > 0 											(2.27)
ߜଵ = ൜20ߜଵଵ													ݓℎ݁݊	ߜଵଵ ≤ 015ߜଵଵ													ݓℎ݁݊	ߜଵଵ > 0 (2.28)
ߜଶ = ൜4.9ߜଶଶ									ݓℎ݁݊	ߜଶଶ ≤ 03ߜଶଶ													ݓℎ݁݊	ߜଶଶ > 0 																																																	(2.29)
ߜଵଵ = 0.93 ൬ܤܮ − 0.12൰ + 0.36 ൬ℎ − ݀ℎ − 0.6൰																											
ߜଶଶ = 0.36 ൬ܤܮ − 0.12൰ + 0.93 ൬ℎ − ݀ℎ − 0.6൰													(2.30)
Takahashi (1994) extended Goda method to include effects of breaking wave impacts. This was
obtained by reanalyzing tests of caissons sliding under wave impacts (regular waves), together
with data on caisson movements at Sakata Port. The modification is applied by changing the 	ߙଶ
coefficient to be the maximum of 	ߙଶ	or a new impulsive coefficient 	ߙூ itself given by coefficients
representing the effect of wave height on the mound, and mound shape. The value of the coefficient
ߙூ 	reaches a maximum of 2 at B/L = 0.12, d/h = 0.4, and H/d > 2; when d/h > 0.7, ߙூ 	 is always
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close to zero and is less than	ߙଶ. It should be noted the impulsive pressure significantly decreases
when the approach angle of incidence wave, ߮	is oblique.
Blackmore and Hewson (1984) carried out full-scale measurements of wave impacts on a seawall
in the South of West England using modern measuring and recording equipment. Comparison of
new data sets with previous experiments and prediction formulae proved that impact pressures in
the ﬁeld are generally lower than those measured during laboratory tests, mainly due to the high
percentage of air entrained. Based on their observations, Blackmore and Hewson (1984) developed
the following prediction formula for average pressures under broken waves:
ܲ = ߣ. ߩ.ܥ௦௪ଶ .ܶ (2.31)
Where the aeration factor λ has a dimension of [s−1] and accounts for the percentage of air
entrainment, T is the wave period and Csw is the shallow water wave celerity. British Standard code
of practice for marine structures (BS 6349) suggests evaluating wave impact pressures on seawalls
by means of Equation (2.31) using λ=0.3 s−1 and λ=0.5 s−1 respectively for rough/rocky foreshores
or regular beaches.
Kirkgoz (1982, 1983, 1990, 1991, 1992, and 1995) performed two-dimensional experiments using
regular waves forced to break in front of a vertical wall by means of an approaching beach of the
variable slope. Kirkgoz distinguished among early breaking, late breaking and perfect breaking
and highlighted the relative importance of deep water wave steepness and beach slope on the
maximum peak pressure and its position up the wall. Impact pressures and forces were found to
vary signiﬁcantly for small changes in water depth at the wall and to reduce drastically when an
air pocket was entrapped between the wave front and the structure.
Within PROVERBS physical model tests at large- and small scale were run respectively in the
Large Wave Flume (GWK) of Hannover, Germany and in the Deep Wave Flume (DWF) at HR
Wallingford (HRW), Wallingford, UK. Analysis of large-scale tests led to results presented in
Kortenhaus et al. (1994) and Klammer et al. (1996), respectively in terms of horizontal wave
impact and uplift loading. The smaller-scale HR Wallingford tests are described in depth in Allsop
et al. (1996a, b, and c). The analysis of wave pressures and forces suggested the development of a
new prediction method for wave impact forces on vertical breakwaters (Allsop et al., 1996a; Allsop
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and Vicinanza, 1996). The method is recommended in Oumeraci et al. (2001) for preliminary
design and the British Standards (BS6349-1, 2000) and is expressed by:
ܨ௛.௜௠௣ = 15.ߩ௪ .݃. ℎଶ. (ܪଵ/ଷ/ℎ)ଷ.ଵଷସ 										(2.32)
The advances in knowledge and prediction of wave loadings within PROVERBS led to a new
procedure to assess wave impact loads on vertical breakwaters or seawalls. The new methodology
is the ﬁrst to quantitatively account for uncertainties and variability in the loading process and
therefore represented a step forward towards the development of a more rational and reliable
design tool. Moving from the identiﬁcation of the main geometric and wave parameters, the
method proceeds through 12 steps to evaluate wave forces (landward, up-lift and seaward),
together with the corresponding impact rise time and pressure distribution up the wall. The new
design methods are described in details in Allsop et al. (1999) and Oumeraci et al. (2001). In the
methodology, it was shown that the maximum horizontal impact force could be given by,
ܨ௛.௜௠௣ = ܨ௛.௜௠௣∗	.ߩ௪ .݃.ܪ௕ଶ 										(2.33)
The relative maximum wave force F*himp is assumed to obey a Generalized Extreme Value (GEV)
distribution, given by:
ܨ௛.௜௠௣∗ 	= ఏᇲక . (1 − ߦ. ݈݊ߦ %ܲ) + ߤᇱ									(2.34)
Where P% is the probability of non-exceedance of impact forces (suggested value for P is 90%)
andߠᇱ, ξ and ߤᇱ are the scale, shape and location parameters of the GEV pdf, given as a function
of the bed slopes.
Recent studies have been made by Cuomo et al., (2010, 2011). Within the VOWS (Violent
Overtopping by Waves at Seawalls) project (Cuomo, 2010), a series of large-scale physical model
tests have been carried out. A new prediction formula was introduced and compared with previous
measurements from physical model tests, giving satisfactory results. Cuomo et al., (2011) then
presented a new approach to the definition of loads for use in performance design of vertical
structures subject to breaking wave impacts.
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2.6 Wave impacts theory
2.6.1 Theoretical model studies
This section presents previous theoretical studies of wave impacts on coastal structures. Weggel
and Maxwell (1970) and Partenscky and Tounsi (1989) have modeled the wave impact on vertical
walls by solving the wave equation in a compressible fluid. In this thesis, we assume that the fluid
is incompressible so we take the fluid velocities to be much less than the speed of sound, cs.
However, compressibility is important in wave impacts where the air is trapped in the water.
Cooker and Peregrine (1990) modeled the wave as a rectangular region which is filled by fluid in.
Cooker and Peregrine (1995) use the theory for studies of impact of deep water waves, impact in
a container, the impact of a water sheet on still water and a triangular wave. They concluded that
pressure impulse field is insensitive to variations of the wave’s shape at distances greater than half
the water depth from the impact region. Kirkgöz and Mamak (2004) developed a theoretical
approach for the pressure impulse on a vertical wall using boundary element methods and the
results show good agreement with experimental data. They concluded that if the impact pressure
rise time is known, the pressure impulse model can be used to predict the wave impact pressures
on vertical seawalls.
Okamura (1993) presented theoretical work on wave impacts on an inclined plane wall. He
indicated that the largest pressure impulse on a wall occurred when the wall is near to vertical, in
contrast to the results of Kirkgöz (1991). The application of pressure impulse theory has been used
to show that the impulsive force due to a wave can move a large object near a seawall. Cooker and
Peregrine (1992), considered a hemispherical boulder on the bed, and Cox and Cooker (1999),
considered a spherical boulder. They found that the impulse is directly proportional to the boulder
volume and indicated that the impulse on a long thin body is larger compared to low wide ones
and that such shapes will move the farthest. Another application of pressure impulse theory was
for impact in containers by Topliss, (1994) and impacts under a deck by Wood and Peregrine,
(1996). Wood and Peregrine (1998) studied three-dimensional examples for wave impact on a
vertical seawall. They suggested that the three-dimensional model should be included if waves
have a crest width less than twice the water depth.
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2.6.2 Pressure-impulse theory for liquid impact problems
The concept of pressure impulse, or impulsive pressure, is well-known (Lamb 1932 and, Batchelor
1967). The pressure impulse P is defined as the integral of pressure with respect to time
ܲ(ݔ, ݕ) = න ܲ(ݔ, ݕ, ݐ)݀ݐ																(2.35)௧ೌ
௧್
Where tb and ta are the times just before and just after the impact, x, y are Cartesian coordinates of
the position (this could be x, y, z for three-dimensional situations not considered here) and p is
measured relative to atmospheric pressure. The pressure impulse idea removes time from the
equations of motions, but ppk (peak pressure) can be estimated from a calculated value P by
assuming the pressure as a function of time during impact is approximately triangular, and
∆t=  ta -tb is known, see Figure (2.15) below.
Figure 2.15- The sketch of pressure against time - Pressure impulse definition
Bagnold (1939) and Cooker and Peregrine (1990) pointed out that, despite the wide scatter in peak
pressure, the product of ppk ∆t remains approximately constant, thus;
ܲ = ݌௉௞ ∆ݐ2 										(2.36)
So that
tb ta t
Pressure [force/m2]
Area=pressure impulse
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݌௉௞ ≈
2ܲ
∆ݐ
										(2.37)
Since ∆t is prone to uncertainty, any estimate of ppk is also uncertain. For extreme impact, ppk may
be very large and ∆t very small, but the product given in Equation (2.36) will remain finite and
approximately constant for wave impacts from similar waves. From comparisons of their result
with some experimental measurements, they justified that this simple theory using simple
boundary conditions gives approximate solutions for various wave shapes.
The Governing Equations
From the mathematical model proposed by Cooker and Peregrine (1990, 1995), the governing
equations for the problem can be stated as below. The change in velocity during the impulsive
event is supposed to take place over such a short time that the nonlinear convective terms in the
equation of motion are negligible compared with the time derivative, giving
߲ݑ
߲ݐ
= −
1
ߩ௪
∇݌										(2.38)
Viscosity and surface tension are negligible in all applications we have considered. Although
compressibility may be important for a brief moment, even for impact velocities well below the
speed of sound, it is neglected here. It is easy to see that next to the impact zone there is a small
region where nonlinear terms are not negligible, e.g. see Howison et al.’s (1991) treatment of water
entry; however, the pressure-impulse approach gives a good ‘outer’ approximation. By integrating
Equation (2.38) with respect to time through the impact interval, [tb, ta], and use definition (2.35)
for the pressure impulse P, to arrive at
ݑ௔ − ݑ௕ = −
1
ߩ௪
∇ܲ											(2.39)
Where Ñ .ub, and Ñ .ua, both vanish. Taking the divergence of (2.39), we find that the pressure
impulse satisfies Laplace’s equation
∇ଶܲ = 0											(2.40)
Consideration of the curl of (2.38) and (2.39) shows that the pressure impulse does not change
the vorticity of the flow. The boundary conditions to be applied to Laplace’s equation are readily
found to be as follows.
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a. At a free surface, where the pressure is constant and taken to be a zero reference pressure:
P=0
b. At a stationary rigid boundary, in contact with the liquid before and after the impulse, the
normal velocity is unchanged so that
߲ܲ
߲݊ൗ = 0										(2.41)
c. Where liquid meets a solid boundary during impact the change in normal velocity gives
the normal derivative of pressure impulse. For the simplest case of a stationary rigid
boundary
ݑ௡௕ = 1ߩ ߲߲ܲ݊											(2.42)
Where unb is the normal component of the approach velocity of the liquid. Conditions (b) and (c)
are easily altered to account for moving rigid boundaries including the case where the impact
causes a rigid body to move.
d. When liquid meets liquid two boundary conditions are needed on the common interface.
One is that the pressure impulse is continuous:
ଵܲ = ଶܲ											(2.43)
Consideration of the change in velocity on each side of the interface gives:
ݑଵ௡௕ − ݑଶ௡௕ = 1ߩଵ ߲ ଵ߲ܲ݊ − 1ߩଶ ߲ ଶ߲ܲ݊ 											(2.44)
Where subscript n denotes the component normal to the boundary and subscript b denotes the
liquid velocities immediately before the impact. In all the above cases, an inelastic impact is
assumed.
Solutions for an idealized wave on a vertical wall
A realistic wave impact is sketched in Figure (2.16) and Figure (2.17) shows a two-dimensional
boundary-value problem for an idealized water wave meeting a rigid vertical wall. The fluid
domain has been idealized to a rectangle with free surfaces at the upper and right- hand edges
(y = 0, x = b). Fluid stays in contact with the bed and the lower part of the wall, and the wave face
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impacts on the upper part of the wall. The distance from the bed to the wave crest is H, and the
wave strikes a fraction, µ of this height.
Figure 2.16- The sketch of a coastal wave impact.
It is assumed that the normal component of impact velocity is a constant: U0 > 0 in the impact
zone x = 0,  -  µ H < y < 0, though a general distribution of impact speed unb (y) can be easily
accounted for by the following method.
The boundary conditions are as shown in Figure (2.17). The problem is solved using separation of
variables in Laplace’s equation, and Fourier analysis, giving:
ܲ(ݔ, ݕ) = ߩܪ෍ܽ௡sin	(ߣ௡ݕ/ܪ) sinh	[ߣ௡(ܾ − ݔ)/ܪ]cosh	(ߣ௡(ܾ/ܪ)ஶ௡ୀଵ 											(2.45)
For - H < y < 0, and 0 < x < b where ߣ௡ = (݊ − 0.5)ߨ and the constants	ܽ௡ are
ܽ௡ = 2 ଴ܷ ܿ݋ݏߤߣ݊ − 1ߣ௡ଶ 											(2.46)
Figure 2.17- The impact of a rectangle of fluid on a vertical wall at x = 0. The impact zone stretches from
the top free surface, part-way down the wall, occupying a fraction µ of water height, H. The back of the
wave at x = b is a free surface with P = 0. Image taken from Cooker & Peregrine (1985)
∇ଶܲ(ݔ,ݕ) = 0
ߜܲ
ߜ݊
= 0
ܲ = 0
݂ݎ݁݁	ݏݑݎ݂ܽܿ݁ߜܲ
ߜ݊
= ݑ௕௡ ݑ௕௡
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The standard results and pressure impulse on the wall for Cooker and peregrine model are shown
in Figures (2.18) and Figure (2.19) respectively.
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Figure 2.18- Standard result for non-dimensional pressure impulse Cooker and peregrines model for
varying µ with b=2 and H=1.
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Peregrine (2003) indicated that the pressures measured from the experiment are much greater than
would be expected. On the other hand, the pressure impulse, which is pressure integrated with
respect to time, shows greater consistency. He also suggested that there are a few important
parameters that influence the impact of a wave at a wall that needs to be considered.
Figure 2.19- The pressure impulse on the wall,ܲ = (0, ݕ) for ߤ = 0.1, 0.25, 0.5, 0.75	 and
1.0. The maximum pressure is 0.742ߤܷ଴ܪ when ߤ = 1 and occurs at ݕ = −1
The parameters are the mean water depth at the wall, the geometry of the wall, the shape of the
wave as it meets the wall, and the water depth at the wall. The assumptions that we have made to
model this theory are that the wall is vertical and the seabed is horizontal immediately in front of
the wall. Whilst the impulse on the wall has obvious engineering significance, the impulse on the
seabed is also of interest. It can instantaneously liquefy any sand by driving water into it. This can
lead to destabilization of the foundation. Results for the seabed impulse are given in Figure (2.20).
Next section provides a background on sloping top breakwaters including hydraulic performance
and description of seaward impulse loads on such a breakwaters caused by wave overtopping.
y/
H
Chapter 2. Wave forces and impacts on a conventional vertical breakwaters.
45
Figure 2.20- The pressure impulse on the seabed,ܲ = (ݔ, −1) for ߤ = 0.1, 0.25, 0.5, 0.75	 and
1.0.
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CHAPTER 3
HYDRAULIC CHARACTERISTICS OF SLOPING TOP BREAKWATER
3.1 Introduction
In the last few decades, caisson breakwaters have seen a resurgence especially due to the increasing
need for breakwaters in deeper waters which makes caisson breakwaters attractive when compared
with rubble mound breakwaters from a cost, design and constructability perspective. In deep water
locations, the large waves generate tremendous forces acting on a breakwater, and the sloping top-
type breakwater has been found suitable for this application. Sloping-top breakwaters have a
superstructure that is sloped to reduce the wave forces. In addition, the downward force acting on
the slope cancel at least part of the uplift pressure, thereby increasing the breakwater stability.  The
sloping-top breakwater has been used for many years, with the oldest structure of this type
constructed at Naples Port, Italy in 1906. Another one was built in the middle of the 1960s at
Hanstholm Harbor, Denmark, where the overturning moment and the total horizontal force acting
on a breakwater were reduced to about one-half the values of the vertical-type breakwater (Juhl,
1994; Ligteringen, 1994).
Figure 3.1- Niigata port (Japan)
Sloping-top caissons have also been constructed in deep water regions in Taiwan, China, and
Libya, where wave conditions are severe (Kuo, 1994; Xie, 1994). In Japan, this caisson type has
been built at Niigata, Miyazaki, and Kochi Ports. Figure (3.1) shows a photograph of one under
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construction in Niigata Port. In Naha Port, a sloping top caisson is under construction which is
covered with wave-dissipating blocks, being a combination of the sloping top caisson and one with
wave-dissipating blocks (Sato et al., 1992; Takahashi et al., 1990).
3.2 Brief review of sloping-top breakwater experience in Italy
Franco (1994) summarized the Italian experience in design and construction of vertical
breakwaters. The author gave a historical review of the structural evolution in the last century and
critically described the major documented failures. In general, the main lessons from the old
failures resulted in the increase of both dimensions of the vertical structure and its monolithic
solidarity with independent portions of the superstructure. The reduction of wave forces and
overtopping has also been pursued in new designs by means of various structural changes to the
front geometry (cylindrical, perforated), to the crown wall (sloping and curved parapets), and to
the foundation (wider front rubble berm, larger flat perforated toe apron slabs), as illustrated in the
following sections. Figure (3.2) shows characteristic feature of the sloping parapet in Naples,
Sorrento, Civitavecchia and Torres port which produces a favorable downward component of the
wave force. The obvious advantage of the sloped wall in reducing horizontal forces (by 30-50%)
is particularly effective when tidal variations are small, but it is usually balanced by a worse
overtopping performance. An efficient combination of the two concepts is represented by a sloping
face parapet wall set back a few meters from the caisson vertical wall. The overall stability is thus
increased due to a reduction of the maximum horizontal and vertical force caused by the delay in
the wave action on the two surfaces and due to the prevention of setting up impulsive breaking
wave pressures caused by the face discontinuity.
Two original structures in Figure (3.2) (Napoli-"Martello Mole" and Sorrento, both in relatively
sheltered locations) have both the seaward wall and the sloping parapet perforated. In the caissons
of Duca Degli Abruzzi breakwater, instead, the perforation is on the harbor side to reduce wave
reflections at the entrance. The concept of a sloping set-back parapet was used for the
Civitavecchia caisson breakwater and the shape of the curved superstructure was optimized by
hydraulic model tests. The more vertical forward sloping parapet II showed larger horizontal forces
(about 8%) and overturning moments (above 19%) than the preferred curved parapet I (Fig. 3.3).
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Figure 3.2- Cross-section of Italian caisson breakwaters with various superstructure
Figure 3.3- Different parapet types tested for the Civitavecchia caisson breakwater
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3.3 Hydraulic aspect of sloping top breakwaters
A large amount of work has been done in the past to characterize the hydraulic response of caisson
breakwaters addressing both overtopping and wave forces. These studies have incorporated
deterministic and probabilistic approaches and refinements/corrections/adjustments to empirical
guidance account in order to specifically account for the varying impacts due to different
superstructure parapet geometries (Goda, 1985; Juhl and van der Meer, 1992; Franco et al., 1994;
Takahashi et al., 1994, Oumeraci et al., 2001 (PROVERBS), Eurotop (2007) and others). However,
the somewhat limitless range and choice of superstructure geometries that are available to a
designer, which critically affects the overall hydraulic response of the breakwater, makes it
inevitable that specific guidance for a particular superstructure geometry will always be lacking,
and at the very least, be underscored by a large band of uncertainty. This uncertainty, in turn,
translates to unnecessary conservatism in deterministic guidance. Further, empirical formulae used
to estimate wave overtopping and wave forces on a caisson breakwater typically provide estimates
for maximum wave forces under a quasi-static assumption and do not account for the impulsive
landward and seaward loads due to wave impacts that can exceed hydrostatic forces by an order
of magnitude.
3.3.1 Wave force acting on loping top breakwater
Although demands for building the sloping top caisson have increased in recent years, its design
method is not yet well established. Here, the characteristics of wave forces on a sloping top caisson
are discussed and a new pressure formula is proposed based on the results of a series of laboratory
experiments.
Current design method for a sloping top caisson
The currently used Japanese design method for the sloping top caisson was initially proposed by
Morihira and Kunita (1979), who modified the Goda pressure formula (Goda, 1985) for vertical
breakwaters. Takahashi et al. (1994) also extended the original method by Goda accounting for the
effect of a berm, sloping top, wave breaking and incident wave angle. The current deign method
for designing sloping top breakwaters remain unchanged after Takahashi et al. (1994). Figure (3.4)
shows the design wave pressure distribution in which the fundamental pressure distribution is the
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same as that by the Goda formula, where h denotes the water depth in front of the breakwater, h’
the distance from the design water level to the bottom of the upright section, he the crest elevation
of the breakwater above the design water level, dc the distance from design water level to the
lowest point of the slope, and B the width of the bottom of the upright section.
Figure 3.4- Current design method for sloping top caisson. Image taken from Takahashi et.al 1994
Figure (3.5) shows a schematic diagram of the wave force acting on the slope. If it is assumed that
the wave force is a horizontal jet and that after a collision with the slope the fluid momentum has
only a tangential component to the slope, then the total force of incoming momentum that is normal
to the slope isߩܸܳݏ݅݊ߠ.
Figure 3.5- Wave force acting on the slope. Image taken from Takahashi et.al 1994
The horizontal component FSH and the vertical downward component FSV are respectively
evaluated as
ܨௌு = ܨଵݏ݅݊ଶߠ																																						(3.1)
ܨௌ௏ = ܨଵݏ݅݊ߠ	ܿ݋ݏߠ																																		(3.2)
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Where F1 is the force integrated over the design pressure distribution for a range corresponding to
the height of the sloping superstructure and θ is defined as the angle between the face of the slope
and a horizontal line. When 0 is 45°, the horizontal wave force FSH on the sloping superstructure
is one half the wave force on an equivalent vertical wall F1. The wave forces on a vertical wall FV
and the design uplift force on a sloping caisson FU can be directly calculated from the Goda
formula, i.e.,
ܨ௏ = ܨଶ																																							(3.3)
ܨ௎ = 12 	 ௎ܲܤ																																			(3.4)
Where PU is the uplift pressure on the bottom of the caisson's offshore side and F2 is the wave
force on the caisson's upright wall, both of which are calculated using the Goda formula.
Takahashi et al. (1994) performed a number of regular wave experiments on six types of sloping
top caissons shown in Figure (3.6). Type 1 is a standard caisson, having a slope starting from the
still water level (dc = 0), while Type 2 is a semi-sloping top caisson, having a slope starting above
the water level. Types 3-6 are semi-submerged sloping top caissons having an entirely submerged
slope and are newly conceived to emphasize the stability created by the slope. The crest elevation
hc is 32 cm for Types 1-3 and 16 cm for Types 4-6. The lowest point of Type 5's slope is the
deepest, although its hc is the same as that for Type 3. θ is 45° for Types 1-5 and 56° for Type 6.
Figure 3.6- Typical cross sections of sloping top breakwaters used in model tests. Takahashi et al. (1994).
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Regular waves were applied to the models to take wave force measurements. Six wave heights:
23.8, 33.3, 42.8, 56.9, 61.9 cm and five wave periods: 2.1, 2.6, 2.8, 3.0, 3.5 s were adopted for the
experimental waves. Throughout the experiment, water depth h was 104 cm, and therefore, wave
length L is only dependent on T. The experimental maximum and minimum values for wave
steepness H/L were 0.109 and 0.0227, respectively. Analyzing data by Takahashi et.al (1994)
showed that for wave force on the slope the experimental values decrease as H/h increases, whereas
the calculated ones contrastingly increase. On the other hand results corresponding to horizontal
wave load on the upright section indicate that the experimental values are comparatively less than
the calculated ones, and decrease with increases in H/h, whereas the calculated values contrastingly
increase. In sum, it was concluded that the wave forces on the slope of the sloping top caissons are
larger than those calculated by the current design method, while the current design method
overestimates the wave forces of the upright wall of the sloping top caissons. Hence the authors
established a reasonable design method for the sloping top caisson, they introduced a new
modification coefficient ߣௌ௅ᇲ  that can express the wave force on the slope, more appropriately, i.e.
ܨௌு = ߣௌ௅ᇲܨଵݏ݅݊ଶߠ																			(3.5)
where the difference of measured and calculated FSH; is significantly dependent on H and T, and
the phase difference between the peak of the wave force on the slope and that on the vertical wall
is dependent on wave speed and length. Based on the dependence of ߣௌ௅ᇲ 	on H/L and θ, a design
formulation for ߣௌ௅ᇲ  is proposed as follows:
ߣௌ௅ᇲ = min	{max ൜	1.0	, −23	 ൬ܪܮ൰ ݐܽ݊ିଶߠ + 0.46	ݐܽ݊ିଶߠ + ݏ݅݊ିଶߠൠ , ݏ݅݊ିଶߠ	}																(3.6)
In the current design method, the wave force on the vertical wall of the sloping top caisson is the
same as that estimated using the Goda formula for vertical breakwaters. Since this current design
method overestimates the wave force on the upright section, another modification coefficient is
introduced to express this force, being defined as:
ܨ௏ = ߣ௏ܨଶ																	(3.7)
Where
ߣ௏ = min	{1.0,݉ܽݔ ൜	1.1,1.1 + 11݀௖ܮ ൠ − 5.0	ܪ/ܮ	}																	(3.8)
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As pointed out by Takahashi et.al (1994) through using these modification coefficients
(ߣௌ௅ᇲ 	and	ߣ௏) the new method can reasonably evaluate wave forces on the sloping top caissons,
and can properly express their toughness.
3.3.2 Wave transmission
Figure (3.7) shows tests results which have been carried out to investigate the wave transmission
coefficient, KT, for the six profiles of sloping-top breakwaters shown in Figure (3.6).
Figure 3.7- Transmission coefficient for sloping top breakwaters. [From Takahashi et al. (1994).]
From these experiments, it is obvious that the sloping-top breakwater has a relatively large
transmission coefficient, KT, compared to ordinary vertical wall breakwater, and that KT becomes
larger when either θ (sloping top angle) is smaller and/or the value of dc is negative and larger.
3.3.3 Wave reflection
The wave-reflection coefficients, KR, obtained from the aforementioned model tests as a function
of HI/h (Fig. 3.8) indicate that wave reflection by the sloping top breakwaters is smaller than that
by the conventional vertical wall breakwater. This is basically attributed to wave overtopping and
eddies that are generated at the lower edge of the slope.
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Figure 3.8- Reflection coefficient for sloping top breakwaters. [From Takahashi et al. (1994).]
3.3.4 Wave overtopping
Wave overtopping is one of the most important hydraulic responses of a breakwater. In case of
sloping top caissons, there is no empirical formula which provides estimates of overtopping for
such breakwaters.
3.4 Seaward wave loadings
Research under the MAST III PROVERBS project (Oumeraci et.al 2001) identified seaward
failure as a potentially significant failure mode of vertical breakwaters. Caisson breakwaters
experience static and dynamic loads on both sides but it is usually the forces generated by wave
action on the seaward side which are critical for stability. As a result, design methods have
developed to provide tools for the prediction of landward loads (e.g. Minikin, 1950; Goda, 1974).
However, there are many examples of breakwater failures which have involved seaward motion
which indicate that consideration should be given to forces generated on the harbor side. The
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resulting discussion revealed that relatively little was known about such a failure mechanism, but
results from pressure impulse theory indicated a likely cause. Experience with pressure impulse
theory calculations, especially Wood and Peregrine’s 1996 study of wave impact beneath a deck,
had revealed how pressure due to an impact can be enhanced if it is in a relatively confined region.
The impact of overtopping ping water on the water behind a breakwater is one such situation.
During wave impact on a vertical wall, the pressure is noticeably reduced by the presence of air at
the top of the wall. In contrast, impact on the surface of water close to a vertical wall can have its
effect almost doubled because there is no pressure relief at the wall.
3.4.1 Evidence of Seaward Failures
There have been several cases of vertical breakwaters tilting in a seaward direction. Oumeraci
(1994) made a review of breakwater failures and lists the breakwaters of Madras, Valencia,
Catania, Algiers, and Niigata as failing in this way (see Table 1.1). He reports that: “Most of the
damaged structures had a low crest and were hence heavily overtopped. In this respect, a number
of failures also occurred during construction while the superstructure was not completed. As a
result, heavy wave overtopping and breaking on the structure took place which generally leads to
differential settlements, thus resulting in the seaward tilt of the breakwater, irrespective of the type
of structure. Although these failure mechanisms have often been attributed to seabed scour and to
liquefaction the actual reason for this ‘abnormal’ behavior and the ‘abnormal’ forces which
prevailed are still not understood”. Minikin (1950). Provides a description of the seaward collapse
of the Mustapha breakwater in Algeria in 1934. The structure was designed to withstand waves of
5 m height and 80 m wavelength. Within three years of its completion, it was subjected to a severe
storm, the waves of which were estimated to be over 9 m high and 180 m in length. This caused
400 m of the breakwater to collapse in a seaward direction. The waves were so large that the
structure was overtopped by unbroken crests which then plunged into the harbor. Minikin reports
that failure occurred suddenly just after the crest of a wave passed over the parapet with the
structure falling into the following trough. Minikin attributed failure to dynamic effects, the
breakwater rotating on its heel as the wave passed over, then falling back into place and being
carried into the trough by its own momentum whilst being pulled by suction forces.  Hattori et al.
(1994) show seaward pressures caused by high-velocity flow up a structure face immediately prior
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to impact.They also show seaward pressures caused by oscillations in the entrapped air.
In addition, recent marine measurements have shown that water cascading down the face of a near
vertical breakwater can cause short, localized seaward impulses Bullock et al., 1999.  These
authors have not suggested that such loads might represent a risk of monolithic seaward failure for
prototype structures, presumably because of their transient and localized nature. However, it has
been noted that they may be a cause of local block displacement in masonry structures (Muller,
1997). In addition, Oumeraci and Kortenhaus (1994) observed that fluctuation in entrapped air
pocket size and the resulting pressure changes might cause dynamic amplification of structural
motion and so cause overall failure. A theoretical model for entrapped air oscillation was
developed by Topliss et al. (1992).
3.4.2 Quasi-static
The horizontal quasi-hydrostatic loads acting on the upright section of a breakwater vary with the
fluctuations of water surface elevation on either side so that the overall force is landward when a
wave crest is at the front face and seaward in the presence of a trough. Three other effects that may
increase quasi-hydrostatic seaward forces are harbor wave action and filling (due to overtopping)
and a reduction in water density on the seaward side due to aeration. A literature search for
references dealing with negative or suction forces confirmed that there is extremely little guidance
on this subject. Two prediction methods were identified: the first is ascribed by Takahashi (1996)
to Sainflou; and the other is by Goda (1967). Both theories were generally based on (relatively)
deep water conditions, and non-breaking or pulsating waves.
Sainflou Prediction Method
The formulae for the pressure under a wave trough, proposed by Sainflou (1928), has been given
in section (2.5.2). From the pressure distribution it is possible to derive the total negative force on
a simple wall given by:
ܨ௦௘௔௪௔௥ௗ = (ܪ − ℎ଴)݌ଵ + (݌ଵ + ݌ଶ)(ℎ − ܪ + ℎ଴)2 																		(3.9)
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Goda Prediction Method
In 1966, Goda published (in Japanese) a formula for forces induced on vertical walls by standing
waves. His theory was based on previous formulae introduced by Sainflou (1928) and used a fourth
order approximation of standing waves. In order to prove his theoretical assumptions Goda
completed his own laboratory tests. Both theory and tests considered regular waves. This resulted
in the diagrams shown in Figure (3.9), with which the maximum onshore (or landward) and
offshore (or seaward) forces acting on a vertical wall can be calculated.
Figure 3.9- Design diagram for onshore and offshore wave forces by Goda (1967)
The diagram indicates a particularly important point on which Goda remarks. For values of the
relative depth h/L > 0.25 the diagram suggests higher seaward forces than landward forces for
most wave steepnesses. It implies that for these conditions the negative forces (seaward forces)
govern the primary design response. It is worth noticing that in all calculations of net negative
force described above, it has been assumed that the same static water level acts on both sides of
the breakwater and that there are no additional wave-induced forces acting on the harbor side of
the structure. Any wave action or overtopping impacts within the harbor may act on the rear face
of the caisson to give forces additional to those discussed here.
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3.4.3 Impulsive wave loads
Goda 1967 showed that the force maxima in the seaward direction become larger than those in the
landward direction when the water depth is a quarter or more of the wavelength. This does not
explain the Mustapha failure since the depth of the water was only approximately one-tenth of the
wave length. In order to explain the failure of the Mustapha breakwater, it is, therefore, necessary
to identify a mechanism capable of generating significant seaward impulsive forces. The seaward
impulsive loads described in the literature are all quite small and accompanied with landward loads
of greater magnitude. Walkden et.al 2001 conducted a physical model study to investigate the
loads generated during the re-entry of an overtopping wave.
Walkden et.al (2001) study
Authors decided to base the design of the physical model on a ‘Hanstholm’ type of breakwater.
This is because the Hanstholm breakwater was designed with a sloping superstructure which
allowed overtopping and reduced landward loads. The model built at a length scale of 1:52.5 (see
Fig. 3.10) and short test runs of focused waves were used to generate a wave 170 mm high with a
period of 1s. This wave was used to provide an example of an overtopping wave with which to
begin the investigation of seaward loads.
Figure 3.10- Experimental model arrangement [Walkden et.al (2001)]
Two processes were identified as causes of high seaward forces, the plunge of the crest into the
harbor and the entrapment of air by the crest behind the caisson. Different stages of a typical
major overtopping event are illustrated in Figure (3.11).
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Figure 3.11- (a) Trough arriving at the front face (0.2 s). (b) The jet passes over the superstructure causing
a high landward load (0.75 s). (c) The jet plunges into the harbor, trapping a pocket of air (0.82 s). (d)
Water level rises at the rear face and lowers at the front (0.95 s).
The time series of the horizontal force caused by this impact is shown in Figure (3.12). As can be
seen in this figure, at 0.58s wave slams down onto the superstructure trapping air and producing
the maximum landward horizontal force (approximately 350-N/m run.) and subsequently at 0.825s
crest plunges into the harbor entrapping air pocket producing the maximum seaward horizontal
force (approximately 540-N/m run). The physical model tests showed that large seaward forces
could occur during the plunge of an overtopping wave. After having identified mechanisms
capable of generating large seaward forces it was then possible to develop a theoretical model to
describe them.
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Figure 3.12- Horizontal forces during the overtopping events shown in Figure 3.11, positive forces are
landward.
To model the harbor side impact, the equations for pressure impulse are first considered (e.g.
Cooker and Peregrine 1995). Ideally, these equations would be solved in both the previously
undisturbed water and in the impacting water simultaneously. However, the complexity of
determining such a solution does not appear to be justified given the uncertainties in estimating
overtopping for prototype cases. Thus the problem is considered in two parts: firstly, the pressure
impulse due to the falling water is estimated. This pressure impulse is then applied to the surface
of the previously undisturbed water behind the breakwater. This leads to a relatively simple
mathematical problem. It is found that the solution is sensitive to the existence, or not, of a trapped
air pocket behind the breakwater.
In order to estimate impulse due to overtopping water ,a simple model of overtopping would be to
represent the water as a two-dimensional rectangular block of width a and height b, with downward
velocity V due to falling through a height Rc, i.e. Vov = (2gRc)1/2. For impact on a rigid surface
the solution given by Cooker and Peregrine (1995) with µ= 1, when reflected in the x-axis and
rotated through 90º (and rescaled), gives the appropriate solution. When put into the coordinates
illustrated in Figure (3.13), the pressure impulse P is given by:
ܲ(ݔ,ݕ) = − 4ߩ௪ ௢ܸ௩
ܽ
෍ܣ௡ cos(ߣ௡ݔ) sinh[ߣ௡(ݕ − ܾ)]cosh(ߣ௡ܾ) 											(3.10)ஶ
௡ୀଵ
ܣ௡ = ቂsin ቀߣ݊ܽ2 ቁቃߣ௡ଶ 		ܽ݊݀				ߣ݊ = 2 ൬݊ − 12൰ ߨ/ܽ		
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Figure 3.13- Body of water impacting on a still water level and respective boundary value problem.
Model parameters, which are shown in Table (3.1), were estimated from the physical model and
video records of the experiments. Measurements were taken, with a ruler, from appropriate frozen
video images. Figures (3.14) illustrate the 3D and contour plot from Cooker and peregrine model
1995 and Figures (3.15) and (3.16) show non- dimensional pressure impulse acting on still water
level cussed by overtopping jet against its width and depth for wave A.
Figure 3.14- Results for non-dimensional pressure impulse induced by block of water impact-Cooker and
peregrine (1995) model.
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Figure 3.15- Distribution of pressure impulse induced by block of water impact over width of overtopping
Figure 3.16- Distribution of pressure impulse induced by block of water impact along b
Figure (3.17) shows a graph of total non-dimensional pressure impulse against b/a. As Walkden
et.al 2001 reports the maximum value of the total non-dimensional pressure impulse for ܾ ܽ⁄ → ∞
is only 0.27 ߩܸܽ whereas the recalculation and redrawing gives the value 0.37. For large b/a> 0.5.
This impulse only drops noticeably when b < 0.5a and is approximately ߩܸܽ only for b < 0.1a
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Figure 3.17- Total non-dimensional impulse against	ܾ ܽ⁄ , for impact on a solid body by a rectangular
block of water- Heavy black line: Walkden et.al (2001). Dotted line: After recalculation
For comparison with experiment, an allowance must be made for the fact that this is a liquid-liquid
impact rather than a solid-liquid impact. The result for impact on water in Cooker and Peregrine
(1995, section 3.6), suggests that a multiplication of 0.58 should be applied, this being the ratio of
pressure impulse due to jet impact on a liquid to that due to jet impact on a rigid surface. In order
to evaluate pressure impulse in the water behind the breakwater, a new coordinate system is
introduced which is aligned with the back of the breakwater, as shown in Figure (3.18).
Accordingly, on the still water surface, y=0, the reduced pressure impulse is ܲ = 0.16ߩ௪ܽ ௢ܸ௩ over
the impact area, extending fromݔ = ݀	ݐ݋	ݔ = ݀ + ܽ.
Table (3.1) - Parameters for the theory from the experimental study. (Walkden et.al 2001)
WAVE Height ofovertopping, Rc (mm)
Air pocket
length, d (mm) a (mm) b (mm)
Estimated pressure
impulse (Ns/m2)
A 95 84 144 91 32
B 95 52 91 57 20
C 95 78 84 52 17
Over the area given by 0 < x < d, where there is a trapped air pocket if d > 0, the appropriate
boundary condition is not known. Initially, it was assumed atmospheric pressure, i.e. P = 0. The
latter showed qualitatively different behavior to the experimental points.
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Figure 3.18- Pressure impulse problem behind the breakwater.
Walkden et.al (2001) pointed out that the assumption that the pressures in the air pocket at the top
of the wall are atmospheric is underestimated. They assigned 80% of pressure impulse induced by
overtopping jet to take account the effect pressure of entrapped air between wall the plunging jet.
Hence, the pressure impulse on the wall, taking the effect of an air pocket in the account, was given
as follows:
ܲ(0,ݕ) = 2ܲ
ߨ
න
[ݏ݅݊݇(݀ + ܽ) − 0.2ݏ݅݊݇݀]
݇ cosh ݇ℎ cosh ݇	(ݕ + ℎ)݀݇										(3.11)ஶ଴
The Broken and solid lines in Figure (3.19) show the pressure impulse when 	 ௔ܲ௜௥	௣௢௖௞௘௧ = 0 and
when 	 ௔ܲ௜௥	௣௢௖௞௘௧ = 0.8 ௢ܲ௩௘௥௧௢௣௣௜௡௛	௝௘௧   for impacts A, B and C respectively.
Figure 3.19- (a, b and c) Pressure impulse on the back of the caisson for waves A, B and C, respectively.
Crosses denote values measured with the rear face transducers, the broken lines represent the pressure
impulse on the wall when	 ௔ܲ௜௥	௣௢௖௞௘௧ = 0, and the solid lines the predictions corrected for the presence of
the air pocket (Eq. 3.10). (Walkden et.al 2001).
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It is worthy to note that the aforementioned experiments carried out by Walkden (2001) were quit
limited and several other aspects of overtopping processes were not well established.  As pointed
out by Walkden, in order to investigate this failure mode further, more consideration is required
of the dynamic behavior of the structure and its response, for which the phase relationships
between the different seaward and landward loads is required. Following sections will provide a
detailed description of a series of numerical experiments in prototype scale conducted to study
hydraulic performance of a sloping top caisson subject to wave overtopping.
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CHAPTER 4
NUMERICAL SETUP AND PRIMARY RESULTS
4.1 Introduction
Over the past 30 years, numerical modeling techniques have been rapidly developing as
computational power has enhanced to the point where numerical solutions are now possible for
many applications. This development has led to the widespread use of numerical modeling as a
standard design tool in many engineering disciplines. Despite the wide range of numerical
modeling applications, the fundamental principles upon which all numerical models are based is
similar for all models. Problems begin with a set of partial differential equations that describe the
underlying physics of the particular situation. Some type of numerical methods, such as finite
difference analysis or the finite volume method is then used to formulate a set of algebraic
equations that represent the partial differential equations. An approximate solution to those
algebraic equations is then obtained through some form of either an iterative or matrix solution.
This solution is often very computationally intensive, which makes the use of modern
computational power so important to the use of numerical models. In most cases, the numerical
model solutions are verified or calibrated through comparisons to field observations or physical
model experiments before being applied in practice. Even after extensive model verification, sound
engineering judgment is required to ensure the accuracy of any model output. Computational Fluid
Dynamics (CFD) is a branch of numerical modeling that has been developed for solving problems
involving fluid flow. This includes applications involving fluid-solid interaction, such as the flow
of water in a river or over and around hydraulics structures. This study will focus on the use of
CFD to model the interaction wave between wave and sloping-top breakwaters.  Since the flow
pattern in front of vertical structures can be very complex due to breaking waves, wave impacts,
wave interaction with complex shapes of the structure, the development of a numerical model
covering all relevant aspects in detail is extremely complex. Several types of numerical models
can, however, contribute to modeling and understanding of relevant processes. In addition to
empirical and mathematical methods, depth-averaged non-linear and weakly non-linear shallow
water wave equations are widely used in coastal and breakwater engineering practice. Other types
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of numerical models solve the more fundamental Naiver-Stokes equations or make use of the
potential flow theory. Of this two-track approach, one is based on the Naiver-Stokes equations
solved by the so-called Volume-of-Fluid method (VOF). VOF modeling can not only produce
detailed profiles of the wave evolution, but also force-time graphs.
4.2 Numerical model
The CFD model selected for this study is the commercially available software „FLOW-3D‟ (Flow
Science 2009), which simultaneously solves the three dimensional, transient Naiver-Stokes
equations on a structured grid. Flow-3D is a powerful numerical modeling software capable of
solving a wide range of fluid flow problems. The program is based on the fundamental laws of
mass, momentum and energy conservation and applicable to almost any type of flow process. This
model is capable of fluid- boundary tracking by resolving fluid-fluid and fluid-air interfaces. The
model has also been used for various hydraulic and coastal engineering applications, such as flow
and scours around a bridge pier (Richardson and Panchang 1998), flow over a sharp-crested weir,
and the nearshore transformation of waves (Bradford 2000; Chopakatla 2003). The program also
has a number of other features including the ability to construct non-uniform grids, automatic time-
step selection, graphical post-processing, etc. It utilizes a finite difference solution scheme and is
able to calculate solutions using various implicit and explicit solver options. FLOW-3D uses a
simple grid of rectangular elements. Therefore, it has the advantages of easy mesh generation,
regularity for improved numerical accuracy, and minimal memory storage requirement. Geometry
is defined within the grid by computing the fractional face areas and fractional volumes of each
element that are blocked by obstacles. The use of a multiple and nested meshes, and the re-run
capability available in FLOW-3D software are other options that make the numerical model
suitable for hydraulic structure modeling. A good selection of different options across the entire
Flow-3D graphical user interface allows the software to be applicable to such a wide variety of
situations. Flow-3D allows either one or two fluid flow, with or without a free surface, and a
multitude of available physics options to suit the specific application. A large selection of boundary
conditions is also available to properly model each specific application. Another benefit of Flow-
3D is the ability to select from several different implicit and explicit numerical solver options. A
detailed description of FLOW-3D can be found in FLOW-3D User’s Manual V9.4 (Flow Science
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2009). The program is based on the fundamental laws of mass, momentum and energy
conservation and applicable to almost any type of flow process.
4.2.1 Governing equations
Numerical models of fluid/wave-structure interactions are increasingly becoming a viable tool in
furthering our understanding of the complicated phenomena that govern the hydraulic response of
breakwaters, including effects of permeability (Losada, 2003). These include Lagrangian models
with particle-based approaches such as the Moving Particle Semi-Implicit method and Smooth
Particle Hydrodynamics (SPH) (Dalrymple et al., 2009). It is noted here that new SPH models are
just becoming available that not only model the fluid phase of the interaction but the movements
of the caisson breakwater itself when subject to wave loads (Rogers et al. 2010). For reasons
ranging from computational efficiency to an accurate representation of the physical processes,
Reynold Averaged Navier Stokes-Volume of  Fluid (RANS-VOF) models such as those developed
by Lara et al. (2008) and Shi et al. (2004) have become an attractive choice of to model wave
interactions with both solid as well as porous structures.
The RANS-VOF models noted above have been developed by implementing various extensions
to the RIPPLE model (Kothe et al, 1991; originally designed to provide a solution of two-
dimensional versions of the Naiver-Stokes equations in a vertical plane with a free surface.),
making it specifically applicable to the study of wave interactions with coastal structures. The
models solve the two- dimensional vertical (2DV) RANS equations and the k–ɛ equations for the
turbulent kinetic energy (k), and the turbulent dissipation rate (ɛ). Various other turbulence models
have also been successfully implemented. A nonlinear algebraic Reynolds stress model is used to
relate the Reynolds stress tensor and the strain rate of mean flow. The free surface movement is
tracked by the Volume of Fluid (VOF) method. The flow inside the porous media is solved through
the resolution of the Volume-Averaged Reynolds Averaged Navier–Stokes (VARANS) equations,
which are derived by integrating the RANS equations over a control volume.
4.3 Numerical model validation
In 2015, Buccino et al. (15) carried out a number of regular wave experiments at the LinC
laboratory of the Department of Civil, Architectural and Environmental Engineering of the
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University of Naples “Federico II”, on a small scale (1:66) model of SSG (Seawave Slot-cone
Generators) originally designed as a possible pilot plant to be located at Svåheia, along the West
Norwegian coasts. The flume, 22mlong, 0.5m wide and 0.75m deep, is equipped with a piston-
type wave maker capable of generating both periodic and random wave series. The facility is also
provided with an active absorption system, to dampen any undesired reflection generated by the
structures installed within it. Figures (4.1) and (4.2) respectively show the section of the small
scale of the SSG and the bathymetry and the location of the structure in Buccino et.al (2015)
physical experimental study.
Figure 4.1- Sketch of the SSG model. Dimensions in mm. (Buccino et.al 2015)
Figure 4.2- The foreshore with the location of the SSG. Dimensions in m. (Buccino et.al 2015)
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The authors provided a detailed description of the nature of loadings acting onto the front face of
the structure and produced a parameterization of the obtained results.  The reliability of
Computational Fluid Dynamics (CFD) in reproducing qualitative and quantitative features of
loadings exerted by waves on Seawave Slot-cone Generators (SSG) has been investigated via 17
numerical experiments, conducted with the suite Flow 3D (Buccino et al., 2016). Figure (4.3)
shows the simulated model of the SSG and the bathymetry in the software.
Figure 4.3- The model of the SSG and the bathymetry in Flow 3D. (Buccino et al., 2016)
Figure (4.4) shows a comparison between numerical and physical pressure and horizontal force
chronograms for test 6 in their study. The comparisons show good agreement between numerical
simulation and physical experiment. In particular, the numerical model appears to be faithfully
modeling the interaction between wave and the structure.
Figure 4.4- Numerical vs. physical chronograms of horizontal force (Test 6- Buccino et al., 2016)
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The numerical suite has been also successfully employed in a number of wave-structure problems,
including both impermeable walls and permeable breakwaters (e.g. Vicinanza et al., 2015, Dentale
et al., 2014a, 2014b).
4.4 Numerical model set-up
The general model set-up for all simulations was quite similar. In each case, the General tab in
Flow 3D was specified with one fluid, incompressible flow, and a free surface or sharp interface
being selected. Also, the fluid properties were specified as those for water at 20 degrees Celsius
for all simulations. Several other model parameters remained generally constant as well and will
be further discussed in the following sections. A full scale sloping top breakwater with a total
height of 21.42m has been simulated, with the sloping part inclined by 30 degrees to the horizontal.
During the experiments, the water depth at the toe of the structure was kept constant at 18.9m; six
wave probes were deployed seaward the caisson to separate incident and reflected, waves via the
weighted least square approach proposed by Zelt and Skjelbreia (1992). A sketch of the
experimental setup is illustrated in Figure (4.5)
Figure 4.5- A sketch of the experimental setup.
4.4.1 Physics and fluids
Although there are many different physics options available, activation of only two selections was
required to obtain accurate simulations of the data that was desired in this study. The gravity option
18.9 m
16.03 m
2.52 mH
13.56 m
30⁰
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was activated with gravitational acceleration in the vertical or z-direction being set to negative
9.806 m/s2. The viscosity and turbulence option was also activated with Newtonian viscosity being
applied to the flow along with the selection of an appropriate turbulence model. It was decided
that the renormalization group (RNG) turbulence model would be used for all simulations. The
decision was made based on comments in Flow-3D user’s manual that the RNG turbulence model
is the most accurate and robust model available in the software. Walkden et.al 2001, pointed out
that the seaward pressure impulse produced at the rear side of the structure caused by overtopping
jet is highly sensitive to the presence of trapped air pocket behind the breakwater. In fact, for these
particular experiments, it appears that the pressure impulse per unit length of the water surface due
to the air pocket could be as much as 80% of the contribution by the plume impact. Hence, in the
present study, the effects of air entrainment due to turbulence or the flow conditions (e.g., an
impinging jet or overtopping) have been taken into account for some tests.
In FLOW-3D, the entrainment of gas can be modeled using the two-fluid model or, in one-fluid
cases, by using the Air entrainment model. The Air entrainment model is activated and estimates
the rate at which gas (represented by the void regions) is entrained into the flow using a balance
of stabilizing forces (gravity and surface tension) and destabilizing forces (turbulence). Although
the primary focus of the model is to compute the air entrainment resulting from turbulent
disturbances at a free surface, the model also contains logic for handling entrainment resulting
from laminar jets impinging on a free surface. Therefore, the model may be used for both laminar
and turbulent cases. In this study, air contribution is considered using two-fluid model. In this case,
the compressible two-fluid model (which has an incompressible liquid and a compressible vapor
which here is air) can have liquid-vapor phase changes occurring at the interface. Nucleation in
pure liquid regions or condensation in pure vapor regions is also allowed. Fluid 1 (water) describes
the liquid state of the fluid and compressible fluid 2 (air) describes the vapor. As with the standard
compressible flow model, the equation of state for the vapor is the ideal gas equation,
௩ܲ௔௣ = ܴܨ2.ߩ௩ . ௩ܶ										(4.1)	
Where ܴܨ2 is the gas constant for the vapor, ܲ  is the pressure ߩ௩  is the gas density and ௩ܶ	
temperature of the vapor gas.  The two-fluid phase change model requires a positive value for
Accommodation coefficient. The phase-change rate is directly proportional to the accommodation
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coefficient. The value of the coefficient is typically in the 0.01 to 0.1 range, and it should not
exceed 1.0, although this is not an absolute limit. Vapor properties are defined as properties of the
compressible fluid 2. The pressure-temperature pair, defined by the Saturation Pressure and
Saturation Temperature, must be a point on the saturation curve. Phase changes are based on the
average fluid properties (density, thermal energy, and liquid fraction) in a control volume. In
particular, the temperatures of the liquid and vapor are assumed to be equal in an element. The
mass transfer rate at the liquid/vapor interface is computed based on the difference between the
local saturation pressure of the liquid and the vapor pressure:
ܯܽݏݏ	ݐݎܽ݊ݏ݂݁ݎ	ݎܽݐ݁ = ܴܵܫܼܧ
ඥ2ߨܴܨ2 ௩ܶ ൫ ௦ܲ௔௧( ௩ܶ) − ௩ܲ௔௣൯										(4.2)
Where
௩ܲ௔௣ is the pressure of the vapor.
௦ܲ௔௧( ௩ܶ) is the saturation pressure at the local temperature.
ܴܵܫܼܧ is the Accommodation coefficient, which is typically set to a value between 0.01 and 0.1.
4.4.2 Meshing
In a CFD numerical model, a mesh is a subdivision of the flow domain into relatively small regions
called cells, in which numerical values such as velocity and pressure are computed. Determining
the appropriate mesh domain along with a suitable mesh cell size is a critical part of any numerical
model simulation. Mesh and cell size can affect both the accuracy of the results and the simulation
time so it is important to minimize a number of cells while including enough resolution to capture
the important features of the geometry as well as sufficient flow detail. An effective way to
determine the critical mesh size is to start with a relatively large mesh and then progressively
reduce the mesh size until the desired output no longer changes significantly with any further
reductions in mesh size. A useful option in Flow-3D that makes this process even more effective
is the restart option. This allows the user to run a simulation and then make a variety of model
changes, including mesh size and configuration, before restarting the simulation using information
from the last time step of the previous simulation. The computational domain extends by 300
meters seaward the breakwater and 200 meters behind and 26 meters in the Z direction. Figure
(4.6) shows that The domain has been divided into three mesh block in X direction (solid red line)
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and two mesh blocks in Z direction (dashed black line). Single-block meshes may not be efficient
for complex geometries because a mesh consisting of a single block would contain too many cells.
For scenarios of this nature, using multiple mesh blocks to increase the simulation resolution only
in the area of interest and exclude regions where no flow is expected is an effective solution.
Figure (4.7) illustrates meshed simulation domain of the sloping top caisson.
4.4.3 Sensitivity analysis of
In order to select the most appropriate grid dimensions, a sensitivity study has been conducted
(Fig. 4.7). Three rectangular cells with different sizes have been used and namely 0.5m (horizontal)
x 1m (vertical), 0.25m x 0.5m and 0.125m x 0.25m. For each cell geometry, a train of 30 regular
waves with height H=4.4m and period T=8s has been generated and the horizontal force signal
exerted onto the front face of the breakwater has been acquired. The generated waves (which are
similar to those used in the rest of this work) have been previously observed to not break onto the
structure, in order, the sensitivity analyses were not affected by the inherent randomness of
breaking induced wave loadings (Buccino et al., 2015; Peregrine 2003).
Figure 4.6- The view of computational domain in the Flow3D
It is also worth noticing that for each grid, flow 3D selects the most appropriate time step to
guarantee the stability of the solution. As shown in Figure (4.8), the widest grid has been found to
create deep troughs of force that are not observed with the finer cells; on the other hand, results
for 0.25m x 0.5m and 0.125m x 0.25m are very similar to each other.
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Figure 4.7- A close view of detailed meshing- Purple circles stand for Pressure Transducers
Figure 4.8- Force time series for different grid size
Two quantities have been employed as indicators of the convergence of results, namely:
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· The standard deviation of the difference between the force signals, divided by the
maximum force measured with the finer grid:
ܴௌ = ܵݐ݀݁ݒ[ܨ௪௜ௗ௘ − ܨ௙௜௡௘]max(ܨ௙௜௡௘) 										(4.3)
· The square correlation between the force signals
	
ܴଶ = ቈܧ(ܨ௪௜ௗ௘ܨ௙௜௡௘)
ߪிೢ೔೏೐ߪி೑೔೙೐
቉
ଶ
										(4.4)
In the above formulae, the subscripts “wide” and “fine” refer to the wider and the finer grid used
in the comparison; the symbols Stdev and E indicate standard deviation and statistical expectation
respectively.
Results of the analysis are summarized in Table (4.1), which confirms a substantial coherence
between the grids 0.5m x 0.25m and 0.25m x 0.125m (R2 exceeds 99% ). Accordingly, the cell
0.5m x 0.25m has been selected for the tests here discussed.
Table 4.1- Values of convergences indicators
wide fine Rs R2
0.5m x1m 0.5m x 0.25m 0.39 0.961
0.5m x 0.25m 0.25m x 0.125m 0.045 0.995
4.4.4 Boundary and initial conditions
Setting the appropriate boundary conditions can have a major impact on whether the numerical
model results are reflecting the actual situation one is trying to simulate. As for the extent of the
mesh in the vertical or z-direction, the bottom boundary was set just below the model geometry in
order to capture the channel bed, while the top boundary was set just above the highest water
elevation. The extent of the mesh in the upstream x-direction, at the seaward end, regular waves
are generated by imposing a time-varying fluctuation of the water level, with velocities being
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calculated via the linear wave theory. At such a boundary, a surface wave enters the computational
domain and propagates in the direction normal to the boundary. At the opposite side, rear the
structure, an ‘outflow’ condition has been imposed, which let the waves to flow out the
computational domain without any reflections. In this study, the effect of lateral flows, which are
horizontally perpendicular to the X direction, and subsequent loads has been neglected.Hence, the
lateral boundary condition were set to symmetry. In fact, symmetry applies a zero-gradient
condition at the boundary as well as a zero velocity condition normal to the boundary.  Boundary
regions can be seen in Figure (4.9), where ''S'' representing symmetry, ''WV'' representing wave
generation system, “O” shows outflow boundary and ''W'' standing for wall. Implementing
accurate initial conditions that represent the actual flow field as closely as possible can also have
a significant effect on simulation times. In all simulations conducted in this study, rectangular fluid
regions were specified on the sea and harbor sides of the sloping top breakwater at the same level
as the specified fluid heights at the upstream and downstream boundaries.
Figure 4.9- Geometry and boundary conditions of sloping top breakwater model
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4.4.5 Numerical simulations options
A variety of options are available in the Numerics tab of the Flow-3D model set-up. These options
present modifications to the way the Reynolds-averaged Navier-Stokes (RANS) equations, which
are the fundamental underlying equations in Flow-3D, are solved. In the majority of simulations
completed, the default selections were used, however, adjustments and comparisons of different
options were completed in some instances. The time step controls were left as default unless the
simulation would crash with the provided error message being that the time step was smaller than
the minimum. In that case, a smaller minimum time step was sometimes attempted to try and obtain
a converging solution. Simulations were run using the generalized minimum residual (GMRES)
pressure solver implicitly, however, for viscous stress explicit solver were set for all simulations.
The difference between an explicit and implicit solution is that an explicit solution is solved
progressively at each computational cell by stepping through time, while the time step is restricted
to meet stability criteria. An implicit solution, however, is solved in each time step using
information from another time step, something that requires more complex iterative or matrix
solutions but that doesn’t impose a time step restriction.  In the volume of fluids advection section
of the Numerics tab, most simulations were run with the one-fluid free surface option based on the
specifications made in the global tab. Also, all simulations were run while solving both momentum
and continuity equations and with first order momentum advection selected based on information
found in the Flow-3D user’s manual.
4.5 Hydraulic performance of numerical simulation
4.5.1 Waves and measurements
Eleven sea states have been generated, driven by a very narrow banded spectrum. Accordingly,
the incoming waves had almost the same wave period within each test, whereas the height could
vary.  The still water level was fixed at 18.9m for all the tests. Each sea state has been run for
approximately 30 waves. Table 4.2 reports the main wave statistics of each test obtained after
resolution of the incident and reflected waves. Table 4.3 shows some relevant non-dimensional
variables along with the sampling rate (Δt) adopted in all measurements.
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It is worth to highlight that the experiments from 1A to N2 have been conducted without
considering the effect of air, whilst the tests 3A, 3B, and 4A took it into account (see section 4.4.1).
Table 4.2- Main statistics of generated sea states
TESTCODE H1/3 (m) T1/3 (s)  Hmean (m)  Tmean (s)  Hmax (m) Tmax (s)
1A 4.9 6.32 4.07 6.38 5.558 6.368
1B 3.65 6.41 3.37 6.45 3.845 6.106
1C 3.04 6.44 2.53 6.59 3.39 6.267
2A 5.58 11.56 4.75 11.87 6.641 11.83
2B 4.7 11.92 3.92 11.87 5.553 12.03
2C 3.47 11.86 2.63 11.7 4.223 12.1
N1 4.41 7.93 4.04 8.08 4.493 7.807
N2 5.24 7.97 4.76 8.08 5.449 7.624
3A 7.078 11.89 5.8 11.77 8.195 12.48
3B 5.06 12.21 4.2 11.85 5.61 12.32
4A 6.21 6.74 5.38 7.06 6.391 6.787
Table 4.3- Non-dimensional variables along with the sampling rate
TESTCODE H1/3/L1/3 d/L1/3 Rc/H1/3 Ur Δt (s)
1A 0.082 0.314 0.514 2.614 0.008
1B 0.059 0.307 0.690 2.045 0.008
1C 0.049 0.304 0.828 1.731 0.008
2A 0.039 0.132 0.451 16.76 0.015
2B 0.032 0.127 0.53 15.20 0.008
2C 0.024 0.128 0.726 11.08 0.015
N1 0.051 0.218 0.571 4.873 0.008
N2 0.060 0.217 0.480 5.856 0.008
3A 0.048 0.128 0.356 22.75 0.008
3B 0.033 0.124 0.498 17.32 0.008
4A 0.093 0.282 0.405 4.123 0.004
Resolution of Incident and Reflected Waves
In hydraulic model tests of maritime structures, the first item of measurement is the characteristics
of the incident waves, and the second item is the coefficient of reflection of the model structure
(Goda 1985). The reason for using this variable as starting point of our analysis, is that it can be
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considered as a global indicator of the wave–structure interaction characteristics; this in virtue of
its dependence on wave run-up, wave overtopping and dissipation rate. The incoming wave field
at the flat floor seaward the foreshore, have been separated from the reflected by using the
weighted least squared method proposed by Zelt & Skjelbreia (1992). As the method essentially
relies on a linear approach, the original time series have been previously cut in the frequency
domain. Figure (4.10) indicates the incident and reflected waves from 80 to 120 s corresponding
to test 1C. It is clearly seen that both waves are regular and in opposite phase due to reflection
from the caisson.  Analysis of frequency spectrum for the incident and reflected waves spectrum
in Figure (4.11) shows that the wave energy is spread in the range of about f = 0.141 ∼ 0.166 Hz,
or equivalently T = 7.06∼ 6 s, while the signiﬁcant wave period is 6.44 s. The ﬁgure also indicates
that the wave energy is concentrated around the frequency fp 0.158 Hz, which is slightly more than
the frequency f = 0.155 Hz corresponding to the signiﬁcant wave period of test 1C.
Figure 4.10- Incident and reflected waves separated via the Zelt and Skjelbreia (1992) method.
Test 1C
Fluctuations of the free surface were acquired in six positions in front of the structure, while a
single probe was used to measure wave transmission (not dealt with here, Fig. 4-12). Along with
the horizontal component of the wave force, time series of pressure have been surveyed in 10
positions in front and 10 positions at the rear of the breakwater. A video of each experiment has
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been taken, to study the wave shape at the wall and the fundamentals of the wave structure
interaction.
Figure 4.11- Spectral density of incident and reflected waves. Test 1C
Figure 4.12- Force positions of pressure transducers and wave probes
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4.5.2 Wave reflection coefficient
Although wave reflection problem for vertical and composite breakwaters has been long
investigated, a review of literature confirms that extremely little guidance is available on this
subject for sloping top breakwaters. In fact, there is no empirical or theoretical formula to calculate
reflection coefficient for this type of breakwater. The only study which provides estimates of the
reflection coefficient, for sloping top breakwaters, has been carried out by Takahashi et al. (1994).
The Author has only reported a graphical model to predict the values. A general description of his
work was given in section (3.3.3). Figure (3.8) illustrates the wave-reflection coefficients, KR,
obtained from the aforementioned model tests as a function of HI/h (where h is water depth and HI
is incident wave height) for 6 relative water depth h/L corresponding to each test.  In order to
compare the KR values reported by of Takahashi et.al (1994) with CFD measurements, the
numerical tests whose relative water depths are in the same range, should be classified in separate
series. According to the table (4.3), the tests 1A, 1B, 1C and 4A with h/L on average 0.3, tests N1
and N2 with h/L on average 0.218 and tests 2A, 2B, 2C, 3A and 3B with h/L on average 0.218 are
placed in different series. In order to avoid confusing, only the KR values of type (4) of Takahashi’s
experiments are plotted. The latter were conducted in 3 different h/L and namely 0.23, 0.14 and
0.099.
In Figure (4.13) the abscissa is the ratio of incident wave height to depth HI/h. Also shown are the
corresponding experimental and numerical wave reflection coefficient. For all various h/L, the
experimental values decrease as HI/h increase. The same trend is seen for numerical values as well.
The numerical tests possessing h/L= 0.128 (red solid circles) are comparable with the experimental
tests with h/L= 0.14 and 0.099 (green and red squares respectively) and show satisfying agreement.
The reflection coefficients values for tests N1 and N2 (h/L=0.218, green solid circles) can be
roughly compared to the physical test with h/L=0.23 (purple squares). Deviation seems to have
originated from difference of relative water depths. The values corresponding to solid blue circles
(h/L=0.3) are considerably lower than the all experimental measurements. In fact, due to the lack
of laboratory data with the same range in this series, the comparison is not feasible.
Figure (4.14) represents a comparison between reflection coefficient for conventional vertical wall
and values obtained from CDF simulation for present sloping top caisson. Calabrese and Allsop
(1998) gave a simple relationship to estimate KR for vertical structures:
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Figure 4.13- Comparison between reflection coefficients reported by Takahashi et.al (1994) and
numerical simulation
KR = 0.95                         for simple vertical walls and small mounds, high crest
KR = 0.8 + 0.1Rc/ HI       for low crest walls (0.5 < Rc/ HI < 1.0)
KR = 0.5 to 0.7                 for composite walls, large mounds, and heavy breaking
As indicated in Figure (4.14), wave reflection by the sloping top breakwaters is smaller than that
by the conventional vertical wall breakwater for a same relative water depth. Takahashi et.al (1994)
pointed out that this is basically attributed to wave overtopping and eddies that are generated at
the lower edge of the slope. It is seen that the KR vales for sloping top caisson decrease as h/L1/3
increase (where L1/3 the wave length corresponding to significant wave height). This reduction
could also be recognized from Takahashi et.al (1994) experiments intuitively.
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Figure 4.14- Comparison between reflection coefficients reported by Calabrese and Allsop (1998) and
numerical simulation
Empirical relation for reflection coefficient
As previously discussed, Figure (3.8) is the only available graph to predict reflection coefficient
for sloping top breakwaters. According to the figure, it is not possible to estimate KR values out of
range of h/L=0.099 to 0.23. In order to fill the gap and make a wider range of relative wear depth,
KR values obtained from numerical simulation were combined with laboratory measurements
reported by Takahashi et.al 1994. By taking two extra factors Rc/h and angle of the slope ߠ  in to
the account, reflection coefficient for a sloping top caisson can be formulated as follows:
	
Kோ = min൮1.12− ܿ݋ݏߠℎ ܮ⁄ − ܪℎ − 0.457		; 				ඨܴ௖ℎ ቀு௛ା௛௅ቁ൲																	(4.5)
Figure (4.15) shows a very good agreements between total KR values and Equation (4.5).
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Figure 4.15- Wave reflection coefficient for sloping top breakwaters predicted by Equation (4.5)
4.5.3 Wave overtopping
Figure (4.16) shows an instantaneous snapshot of wave overtopping for the model simulations (test
1A) and illustrates the location along the crest where overtopping is calculated. The chorogram of
the overtopping discharge for test 1A and the cumulative overtopping for the two tests 1A and 2A
have been also represented (Figs. 4.17 and 4.18). It is worth pointing out that all details of the
wave structure interaction, were visually inspected by videos.
Figure 4.16- Location and geometrical definitions for calculation of overtopping
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Figure 4.17- chorogram of the overtopping discharge for test 1A
Since there is no empirical formula which provides estimates of overtopping for the sloping top
breakwater, the numerical results are compared to established existing formulas which are
typically applied during the design process for conventional vertical breakwaters.
Figure 4.18- Comparison of cumulative overtopping rate between Test 1A and Test 2A
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Figure 4.19- A non-impulsive (pulsating) wave condition at a vertical wall. (EurOtop 2007)
Figure 4.20- An impulsive (breaking) wave condition at a vertical wall. (EurOtop 2007)
For assessment of overtopping at vertical structures the regime of the wave/structure interaction
must be identified first to distinguish whether waves are in the “plunging” or “surging” regime.
On vertical walls “non-impulsive” or “pulsating” conditions occur when waves are relatively small
in relation to the local water depth and of lower wave steepnesses (Fig. 4.19). In contrast,
“impulsive” conditions occur on vertical walls when waves are larger in relation to local water
depths, perhaps shoaling up over the approach bathymetry or structure toe itself (Fig. 4.20). Under
these conditions, some waves will break violently against the wall with (short-duration) forces
reaching 10 – 40 times greater than for non-impulsive conditions.
In order to proceed with assessment of overtopping, it is, therefore, necessary first to determine
that is the dominant overtopping regime (impulsive or non-impulsive) for a given structure and
design sea state. For this purpose, a wave breaking or “impulsiveness” parameter, ℎ∗ is defined
based on depth at the toe of the wall, h and incident wave conditions inshore (EurOtop 2007):
ℎ∗ = 1.35 ℎܪ௠଴ 2ߨℎ݃ ௠ܶିଵ,଴ଶ 												(4.6)
Non-impulsive (pulsating) conditions dominate at the wall when ℎ∗ > 0.3 , and impulsive
conditions occur whenℎ∗ < 0.2. The transition between conditions for which the overtopping
response is dominated by breaking and non-breaking waves lies over 0.2 < ℎ∗ < 0.3 . In this
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region, overtopping should be predicted for both non-impulsive and impulsive conditions, and the
larger value assumed. For simple vertical breakwaters and under non-impulsive conditions,
probabilistic design formula (recommended to be used for comparison with measurements) is
given by the following relationship (EurOtop 2007).
ݍ
ඥ݃ܪ௠଴
ଷ
= 0.04	݁ݔ݌ ൬−2.6 ܴ௖
ܪ௠଴
൰ 										ݒ݈ܽ݅݀	݂݋ݎ	0.1 < ܴ௖
ܪ௠଴
< 3.5																					(4.6)
Also, the probabilistic design formula (recommended to be used for comparison with
measurements) for impulsive conditions is proposed by Equation (4.7).
ݍ
ℎ∗ଶඥ݃ℎଷ
= 1.5 × 10ିସ ൬ℎ∗ ܴ௖ܪ௠଴൰ିଷ.ଵ 										ݒ݈ܽ݅݀	݂݋ݎ	0.03 < ℎ∗ ܴ௖ܪ௠଴ < 1.0										(4.7)
Table (4.4) reports the impulsiveness parameter for each test implying that all test were run under
non-impulsive condition (ℎ∗ > 0.3). Hence, Equation (4.6) was employed to calculate wave
overtopping according to EurOtop manual. Other overtopping relationships i.e. Franco et.al (1994)
and Allsop et.al (1995) which have been previously introduced in section (2.4.2) are reported in
Table (4.4). The table also represents a non-dimensional factor γ standing for the ratio between
overtopping numerical measurements and existing formulae.
Table 4.4- impulsiveness parameter and predictions of existing overtopping formulae.
TEST# h* qeurotop 2007[m3/s/m]
qfranco et.al 1994
[m3/s/m]
qAllsop et.al 1995
[m3/s/m]
qmeasured
[m3/s/m]
γEurOtop
2007
γfranco et.al
1994
γAllsop et.al
1995
1A 1.577 0.357 0.744 0.407 1.658 4.646 2.227 4.077
1B 2.058 0.145 0.224 0.160 1.043 7.187 4.648 6.510
1C 2.449 0.077 0.094 0.083 0.450 5.847 4.786 5.430
2A 0.414 0.510 1.184 0.588 2.427 4.755 2.049 4.126
2B 0.462 0.317 0.636 0.359 1.560 4.926 2.451 4.340
2C 0.632 0.123 0.178 0.134 0.761 6.207 4.266 5.659
N1 1.113 0.263 0.497 0.296 1.507 5.739 3.032 5.088
N2 0.927 0.430 0.950 0.493 2.165 5.030 2.279 4.388
3A 0.309 0.935 2.552 1.096 2.836 3.034 1.111 2.588
3B 0.409 0.391 0.838 0.446 1.263 3.232 1.507 2.828
4A 1.094 0.675 1.693 0.784 2.000 2.963 1.181 2.550
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It is useful to emphasize that all empirical available formulas were established to estimate wave
overtopping discharge over vertical walls whereas no relationship has been found in the literature
to calculate this value for sloping top breakwaters. In order to compare "ݍ" measured to "ݍ"
existing the ߛ factor for each measurement is plotted as a function of ݈ᇱܿ݋ݏߙ	ܪ௦  where ߙ is angle
of slop and ݈′ is has been show in Figure (4.21)
Figure 4.21- Dimension of ݈′ in sloping top caisson
The reason behind choosing length ݈ᇱܿ݋ݏߙ	ܪ௦  was based on that this length is an intrinsic
characteristic of a typical sloping top breakwater. Various either ߙ or ݈′ gives different type of
structure. Comparisons were made between three well-known relationships for calculating wave
overtopping, namely EurOtop (2007), Allsop et.al 1995 and Franco et.al 1994 and values obtained
through numerical simulation (Fig.4.22).  It can be clearly seen that Franco’s formulae gives best
trend with maximum determination coefficient (R2=92%) compared to others relationships. A
linear Equation (4.8) can be easily derived for the sloping top caisson using Franco formula.
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Figure 4.22- Comparison of numerical model result for mean overtopping discharge with empirical
formulas
ݍ௦௟௢௣௜௡௚ି௧௢௣ = ቆ2.4 ݈ᇱܿ݋ݏߠܪ௦ − 2.24ቇቆ0.2ට݃ܪ௦ଷ 	exp ൬−4.3 ܴ௖ܪ௦൰ቇ																(4.8)
Through Allsop et.al 1995 and EurOtop 2007 formulae, respectively, 70% and 64% of measured
values of sloping top overtopping discharge are predictable. It is worthy to note that the results
show significant underestimation using all prediction formulae however, they basically have not
been proposed for sloping top breakwaters. Among the existing relationships, Franco et.al 1994
gives least (R2=0.92) and EurOtop 2007 gives most underestimation compared with numerical
measurements.  It should be kept in mind that although in sloping top caissons the stability against
sliding and overturning increase due to counteraction of uplift pressure on the bottom by
downward wave force, a high degree of wave overtopping compared with the standard breakwater
of rectangular cross-section can be considered as a downside of this kind of breakwaters.
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CHAPTER 5
ANALYSIS OF WAVE LOADINGS ACTING ON SLOPING TOP
BREAKWATER
5.1 Introduction
This chapter focuses on results obtained from numerical simulation of wave interaction with
sloping top caisson. Measured wave pressures must be analyzed to provide results needed for
particular applications. Pressures at the front and rear face of the sloping top caisson are integrated
over the whole area to obtain the horizontal force induced by the waves action on the structure.
This integration can be performed by two methods (trapezoidal and rectangular method) which are
principally shown in Figure (5.1). The differences in integrating the forces between both methods
were found to be very small. However, it is assumed that the rectangular method will result in less
accurate results when only a few pressure transducers are used for integrating the force. Therefore,
the trapezoidal method should be used for calculation of forces. For calculation of forces over
remaining areas beyond the last transducer, the last two pressures should be extrapolated as
indicated in both figures. To estimate of the horizontal force from the integration of pressure
signals, some uncertainties must be considered:
a) Spatial distribution of the transducers;
b) The linear interpolation of pressure signals between two adjacent transducers; and
c) Extrapolation of pressure signals at the top and at the toe of the device.
Furthermore, the presence of transducers on the rear wall makes it possible to trace back to the
seaward actions induced by overtopping waves.
Figure 5.1- Trapezoidal (left panel) and Rectangular (right panel) methods for calculation of force
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Figures (5.2) and (5.3) respectively illustrate horizontal wave force acting on sloping top
breakwaters for short waves namely 1A and 4A and for long waves 2A and 3A.
Figure 5.2- Comparison of horizontal force signal at the wall for the tests 1A and 4A
Figure 5.3- Comparison of horizontal force signal at the wall for the tests 2A and 3A
Tests 1A and 2A were run under the condition in which the effect of the air had been neglected
during numerical setup while the air contribution for tests 4A and 3A was taken into account.
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Although the significant wave height in test 4A is greater than that for test 1A, the acted forces on
the structure for both tests have approximately same magnitude. This reduction originates from
the influence of air entrainment damping the magnitude of loadings on the structure. The same
scenario can be explained for longer waves. Furthermore, due to less steepness and consequently
greater reflection coefficient, longer wave show smoother force signal compared the shorter
waves.  In the following sections, firstly the main results obtained from wave action on the front
face of the structure are presented. Then, the effects of wave overtopping at the lee side of the
sloping top breakwater are analyzed.
Figure 5.4. Example of the broken event (Test 1A).
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5.2 Analysis of horizontal forces associated with front face of the structure
5.2.1 Wave shapes and loading features at the outer face
As widely known, the nature and magnitude of wave loadings at monolithic marine structures
strongly depends on the shape of the wave profile (e.g. Oumeraci et.al 1993). In fact, depending
on the water depth, the incident-wave parameters and the location of the breaking point relative to
the structure front, a continuous series of breaker shapes develop at the wall. On the other hand,
the geometry of the caisson front also appears to significantly affect the characteristics of the
impact forces. According to the definitions given within the PROVERBS project for conventional
vertical breakwaters (Oumeraci et al., 1999), in the present experiments three cases can be
distinguished and namely:
· Loadings associated with broken waves;
· Loadings associated with impact waves;
· Loadings associated with pulsating (quasi-standing) waves.
Broken waves  were observed for high steepness; as shown in Figure (5.4), which refers to the
test 1A, the incoming wave plunges into the water in the neighborhood of the slope (frame b);
then, a reforming takes places and a secondary plunging jet detaches from the new crest hitting the
wall (frames c and d). Finally, the breakwater is overtopped (frame f). The Figure (5.5), reveals
that the curling down of the wave into the water creates an oscillation of the horizontal force signal
at approximately 2.75 Hz.
On the other hand, the impact of the secondary jet produces a sharp peak with a distribution of
pressures (at the maximum of force) similar to that described for impacting waves on conventional
vertical breakwaters (Peregrine, 2003).
Impact events have been recorded in tests dominated by broken waves, as a particular case in
which the curling of the incoming wave hits the structure. An example is given in Figure (5.6),
which also refers to test 1A.  The slam of the water tongue leads to impulsive loadings around
transducer S14, i.e. at the junction with the upright section (see Fig.5.7). However, the maximum
pressure measured is of the order of two times the incident significant wave height, which is far
less than what achieved on vertical breakwaters, where values exceeding ten have been reported
(Goda, 1995).
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Figure (5.5) -Time history of the horizontal force for the event of Figure (5.4)
Figure 5.6. Example of the impact event (Test 1A).
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Figure 5.7- Time history of the horizontal force for the event of Figure (5.6)
This is because of multiple reasons. First of all, the wave front has to experience a significant
rotation (curling down) before reaching the structure. Secondly, it backs to the position of the
pressure transducer recording the respective impact. This transducer has not been exactly placed
under the point where wave jet hits the wall and has been located lightly upper. Thirdly, the thin
layer of water on the slope during wave plunging prevents the occurrence of the high impact.
Finally, as pointed out by Oumeraci (1993), the geometry of the caisson front (here sloping top
caisson) also appears to significantly affect the characteristics of the impact forces.
Quasi-standing waves occur with longer periods. An example is given in Figure (5.8), which
refers to the test 3B; the latter includes the effect of air entrainment. The wave overtops the
structure without impact (frame d), although a secondary jet is seen to sometimes form in the wave
trough, slamming the breakwater between the vertical and the sloping part (frames a and b). The
resulting loading case is basically quasi-static (Fig. 5.9).
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Figure 5.8- Example of the broken event (Test 3B).
Figure 5.9- Time history of the horizontal force for the event of Figure (5.8)
The small impact described above is actually seen to produce only a fast oscillation of the pressure
signals at the transducers S13 and S14 (lower part of Fig. 5.9), which is likely due to the
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compression of a small air pocket created between the jet and the wall. Table (5.1) reports, for
each test, the loading case observed during simulation. It is seen that shorter waves tend to break
before reaching the caisson whereas longer waves hit the structure as a surging wave.
Table 5.1- Loading cases observed during simulation
TESTCODE Loading case
1A Broken with secondary impact/impact events
1B broken with secondary impact
1C broken with secondary impact
2A quasi-standing
2B quasi-standing
2C quasi-standing
N1 broken without secondary impact
N2 broken without secondary impact
3A quasi-standing
3B quasi-standing
4A Broken with secondary impact/no impact events
5.2.2 Statistical landward loading distribution
A statistical distribution of the horizontal wave forces is needed in order to allow for a choice of
exceedance or non-exceedance values for the relative design loading. The values derived from
statistical distribution can be used for all deterministic or probabilistic calculations of structures
where loading pulsating or impact waves are considered. Studies by Allsop et.al (1996c) have
shown that it is possible to distinguish between impact and pulsating waves from the probability
distributions of wave forces. In this approach, all forces from each test were ranked and were
plotted on a Weibull paper. Any significant departure of forces above the Weibull line was taken
as an indication of wave impacts. Observation of the videos confirmed that forces Weibull
distributed corresponded to standing or slightly upward deflected waves and therefore to pulsating
loads. On the contrary, it was found that forces which deviated from the straight line in the Weibull
plot may correspond not only to impact waves but to upward-deflected or broken waves too.
Therefore the statistical analysis of forces is capable of predicting the pulsating waves at the
structure, while it may overestimate the probability of occurrence of impacts. Furthermore,
analysis of the probability distribution of the amplitudes of pulsating and impact horizontal forces
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from hydrodynamic test series by Vicinanza (1997) shows that pulsating loads can be well
described by a Weibull distribution while the impact forces are better represented by a Log-normal
distribution Kortenhaus (1998) has given preliminary recommendations for using a Weibull-3
distribution for non-impact wave loading and a log-Weibull distribution for impact conditions. In
present analysis, horizontal wave forces were calculated for each force event. For each signal, the
rise time of wave loadings has been also obtained as the time interval between the instants
corresponding to the 2.5% and 97.5% of the peak. The actions produced pulsating loads type are
dominated by the effect of gravity and the rise times are of the same order as the period of waves.
The statistical distribution of non-dimensional horizontal forces and rise time were then plotted on
Weibull axes with 95% confidence interval for the test 1A, 1B, 2A, and 2C (Figs. 5.10 to 5.17).As
it has been pointed out by Allsop (1996c), as long as forces follow the Weibull line, it is deemed
that pulsating conditions is occurred throughout the test and any deviation from the line is
interpreted as an impulsive load. According to this, Steeper waves i.e. 1A and 1B have mostly
occurred under pulsating condition load and there couple of cases deviated from lower percentile
line (green circles) showing either impact waves or upward-deflected or broken wave. These
features are consistent with loading case shown in table (5.1). For the long waves i.e. 1A and 2C
no cases have been observed out of lower and upper percentile line indication pulsating condition
for all cases which is consistent with frame recoded from numerical simulation. Rise times for
respective tests show mostly Weibull distribution as well.
Figure 5.10- Weibull plot and histogram for horizontal force -Test 1A
0.01 0.1
1
5
10
50
90
99
99.9
TEST1A - 95% CI
shape = 2.38446  scale = 0.2247
W
ei
bu
ll
P
er
ce
nt
ile
s
Relative peak of landward force
 Percentiles
 Reference Line
 Lower Percentiles
 Upper Percentiles
0.1 0.2 0.3 0.4 0.5
0.00
0.05
0.10
0.15
0.20
0.25
0.30
0.35
0.40
Fr
eq
ue
nc
y
Relative peak of landward force
 Weibull Distribution-TEST1A
Chapter 5. Analysis of wave loadings acting on sloping top breakwater
100
Figure 5.11- Weibull plot and histogram for horizontal force rise time -Test 1A
Figure 5.12- Weibull plot and histogram for horizontal force -Test 1B
Figure 5.13- Weibull plot and histogram for horizontal force rise time -Test 1B
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Figure 5.14- Weibull plot and histogram for horizontal force -Test 2A
Figure 5.15- Weibull plot and histogram for horizontal force rise time -Test 2A
Figure 5.16- Weibull plot and histogram for horizontal force -Test 2C
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Figure 5.17- Weibull plot and histogram for horizontal force rise time -Test 2C
5.2.3 Direction of the design force
This section deals with the horizontal wave force acting on the sloping top breakwater.  In all
calculations of force described in this section, there are no additional wave-induced forces acting
on the harbor side (e.g. wave overtopping) of the structure. Conventionally, Positive forces due to
wave crest action and negative pressure impulse, are landward; and negative forces caused by
wave trough and positive pressure impulse are seaward.  Subsequent sections deal with any wave
action or overtopping impacts within the harbor which may apply addition forces rather than forces
described here. Figures (5.18) illustrate the time history of the horizontal wave force along with
the distribution of pressure and pressure impulse at the peak of forces corresponding to Figure
(5.4).
Figure 5.18- Pressure impulse and distribution of pressure at the peak of forces for the event shown in
Figure (5.4)
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A comparison was also made between the distribution of pressure acquired from numerical
simulation and the formula proposed by Takahashi et.al 1994 (see section 3.3.1). For the selected
event shown in Figures (5.18) the measured pressures at the main peak of force, also two
oscillations just before and after the main peak, are significantly larger compared to the prediction
of the Takahashi et.al 1994 method (reported in green).
Figure 5.19- (a) Wave pressure distribution at the force peak of Figure (5.18); (b) time history of the wave
pressure at the location of the maximum in the distribution; (c) zoom of the time history (b), close to the
peak.
It is also of interest that the instant of incipient overtopping occurs when the force event is in a
descending phase; this is explained by the fact that the force on the vertical part of the breakwater
and that on the sloping one is phase shifted, as pointed out by Takahashi et.al (1994). Under such
a situation, the beneficial effect of the sloping top is basically twofold. First, the impact of the
secondary jet is partly transformed into vertical force reducing the horizontal component. The
second advantage is shown in Figure (5.19); here it is seen that the peak of impact pressure onto
the slope is about 11m, but due to the phase shift with loadings exerted on the upright section, it
has been reduced to 7m (nearly 36% less) at the instant of the maximum force.
Maximum of the
pressure event
Pressure at
peak of force
a
b c
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Figure 5.20- Pressure impulse and distribution of pressure at the peak of forces for the event shown in
Figure (5.6)
The impact event of Figure (5.6) of test 1A is reported in Figure (5.20). It is seen that the maximum
of wave force corresponds to the occurrence of impulsive loadings close to the transducer S14, i.e.
at the junction between the vertical and sloping part of the structure. A series of oscillations at
approximately 3Hz follow the wave slamming. The predictions of Takahashi et.al (1994) method
are seen to largely under predict experimental results. It is useful to highlight that this
underestimation is not only observed for the most violent impact of the wave but also subsequent
oscillations produce loads exceeding Takahashi et.al 1994 prediction.  Figure (5.21) shows a quasi-
standing wave/surging breaker with the inclusion of air associated with test 3B. As mentioned
previously, due to the compression of the air pocket created between the wave jet and the wall, the
Force signal is imposed by very fast oscillation. The same condition was also observed for test 3A
and 4A. As for the rest, the force time history is basically of pulsating type and the Takahashi et.al
(1994) formula gives safe predictions of wave pressures. Since the wave length is large compared
the length of the sloping top, the lag of phase of pressures between the lower and the upper part of
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the structure is small and the peak of force occurs approximately at the instant of incipient
overtopping.
Figure 5.21- Pressure impulse and distribution of pressure at the peak of force for the event shown in
Figure (5.8)
5.2.4 Global characteristics of horizontal wave loading
Force under crest phase
Horizontal wave forces of all test were analyzed. As observed previously, Takahashi’s method was
not able to predict the distribution of pressure at peak of forces properly, particularly for shorter
waves. It must be kept in mind that Takahashi’s method, which is the only available guidance to
estimate wave loading on a sloping top breakwater, has been derived from Goda formula by
introducing some proper coefficients. On the other hand Goda formula does not apply to impulsive
wave conditions, and in fact, it severely underestimates such applied load.
Despite testing overtopped breakwaters, Takahashi et.al proposed design equations for wave forces
under the crest phase based on pressure measurements taken only on the outer face of the structure.
Consistently, the comparison with numerical experiments carried out in the following does not
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consider the overtopping generated wave pressures acting on the inner face. In Figure (5.22), the
Takahashi et.al force is calculated with the maximum wave height and the respective period (Hmax
and Tmax) is compared with the maximum measured landward directed load.
Figure 5.22. Maximum recorded wave force vs Takahashi et.al 1994. Only wave loadings on the
outer face are considered.
Most of points exceed the line of perfect agreement and 6 of them by a factor larger than 1.5, which
is used in many countries as safety factor to design caisson breakwaters. However, these high force
peaks are mostly generated by breaking events causing impulsive or quasi-impulsive loadings (e.g.
Figs. 5.18 and 5.20). The latter, though, are not really accounted by the Goda model which the
Takahashi method comes from, as it was argued by the author (Goda 1985) that, due to their short
duration, these  wave actions may not  affect the stability of the structure, but rather the durability
of concrete (see also Peregrine 2003). Hence, it was decided to eliminate local peaks by smoothing
the force signals. The well-known approach introduced by Savitzky and Golay filter with a second
order polynomial and a time window 0.8s width was employed to smooth the signals.
Figures (5.23) Shows the application of filtering for horizontal wave force associated with tests
1A, 1B, 1C and 4A.  It is obviously seen that under-predictions for short waves are not only due
to the local peaks caused by wave breaking or slightly breaking; it is seen that even after smoothing
such local spikes the Takahashi formula is exceeded.
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Figure 5.23- Comparison between Takahashi et al. predictions and experimental force peaks after
smoothing the breaking induced peaks.
Figure 5.24- Maximum recorded wave force after smoothing vs Takahashi et.al (1994)
As shown in Figure (5.24), the smoothed measured force peaks compare quite well with the
Takahashi et.al predictions and only one point slightly exceeds the SF=1.5 line. However, a trend
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with relative water depth has been detected, with the amount of under-prediction increasing in
deep waters. The following figures reveal the characteristics of horizontal wave loading for both
original and smoothed force signal.  It is emphasized that all plotted values in this section report
what pressure transducers have recorded in the front face of the structure during simulation. In this
regard, landward load refers to the response of wave crest which is positive while seaward force
refers to the action of wave trough possessing a negative magnitude. The contribution of wave
transmission effects on the breakwater will be considered in the following sections.  Figure (5.25)
displays variation of non-dimensional maximum landward loads, smoothed and non-smoothed, as
a function of steepness. The latter varies over a range from 0.024 to 0.093. There is clear tendency
for smoothed maximum landward load (left panel) to decrease as H1/3/L1/3 increase.  It is seen that
spikes removal not only is given rise to reduce the magnitude of loads but also led to give a more
meaningful behavior of landward forces. Additionally, It seems the entrainment of the air bubbles
do not have considerable effects on the trend
Figure 5.25- Non-dimensional maximum landward load vs steepness. (Left panel) Before smoothing.
(Right panel) After smoothing
Figure (5.26) shows the ratio between the force predicted by the Takahashi et.al (1994) using the
maximum wave height, and the maximum value of the measured landward peak of force
(minimum safety factor). The formula would seem to underestimate experimental data with
increasing wave steepness. It is observed that all waves without air, have a safety factor less than
unity indicating unsafe condition; whereas among waves with air contribution, two waves
associated with long waves can withstand against waves safely. Although it may be supposed that
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the low values of minimum safety factors are related to the spikes created by breaking or slightly
breaking waves, analysis of smoothed force signal shows that Takahashi’ prediction method still
underestimates loads applied on the breakwater (right panel Fig 5.26)
Figure 5.26- Minimum safety factor associated with the landward load (wave crest) vs wave steepness.
(Left panel) Before smoothing. (Right panel) After smoothing
Figure (5.27) demonstrates the percentage of seaward force exceedance from landward one as a
function of relative water depth. Seaward load refers to wave trough and landward force refers to
the wave crest derived from recorded pressure via the front face transducers of the caisson. It has
been found out that the percentage decreases with growing period irrespective of the inclusion of
air in the simulation.
Figure 5.27- Percentage when seaward load exceeds landward load vs relative water depth. (Left panel)
Before smoothing. (Right panel) After smoothing
The main reason is actually that violent wave overtopping gives rise to lessen the landward force
acted upon sloping top breakwaters whilst wave trough acts on the structure entirely. So, it seems
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that the design can be dominated by the seaward load. Particularly for short waves, the percentage
increase after smoothing force signal due to the elimination of impulsive waves whereas it has
remained unchanged for long waves. Figures (5.28) and (5.29) indicate the proportion of maximum
landward load to maximum seaward load and equivalent ratio for their averages respectively. As
pointed out by the Goda (1974), for non-overtopped structures, seaward force exceeds landward
force when the ratio of water depth to wave length exceeds approximately 0.25 (See Fig.3.9).
However, numerical results show inverse behavior. As it is observed in the left panel of Figure
(5.28), the landward force of those tests whose relative water depth are less than 0.25 (Group 1)
have less magnitude compared to the seaward loads. This is basically is related to the reduction of
landward load due to overtopping. The Goda (1974) diagram was obtained under the condition
that a vertical breakwater only experiences loads caused by wave crest and trough without
overtopping; whereas the sloping top caisson being analyzed here is heavily overtopped. The left
panel of Figure (5.28) also shows that maximum landward loads exceed maximum seaward loads
when relative water depth exceeds 0.25. It is seen that all tests in Group (2), refer to the Tests 1A,
1B, 1C and 4A which have higher steepness compared to others. From the inspection of videos, it
was found that all these maximum landward loads are generated through breaking or slightly
breaking waves on the sloping part of caisson creating impulsive wave forces. The right panel of
Figure (5.28) shows the same plot when the respective spikes have been removed.  As can be seen
in this figure, the test in the Group (1) remains somehow in the same position while all points in
Group (2) drop below the green line. The Same scenario can be explained for the ratio between
average landward load and average seaward load (Fig.5.29).
Figure 5.28- The ratio between maximum landward loads to maximum seaward load. (Left panel) Before
smoothing. (Right panel) After smoothing
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Figure 5.29- The ratio between average landward loads to average seaward load. (Left panel) Before
smoothing. (Right panel) After smoothing
Force under trough phase
Significant wave overtopping reduces wave force under crest compared to a non-overtopped
structure. Thus, it is reasonable to wonder if crest loadings (landward directed) may be exceeded
by the trough ones (seaward directed).  For present data, it is seen from Figure (5.28 - right panel)
that after smoothing the breaking peaks from the front force signals, trough force overcomes the
crest one in all the tests by a factor ranging from 0.47 to 0.91 (0.76 on average).
Figure 5.30- Non-dimensional maximum seaward load vs steepness. (Left panel) Before smoothing.
(Right panel) After smoothing
Figure (5.30) represents variation of non-dimensional maximum seaward load against wave
steepness before and after smoothing for each test. Long waves generate greater seaward load
irrespective to air entrainment. The spikes observed during the wave trough phase do not obviously
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have a physical meaning, but rather are normally originated from the essence of application of
numerical modeling. The latter, nevertheless, is quite negligible (expect test N1) by comparing the
maximum seaward load before and after smoothing.
Figure 5.31- Maximum trough force vs predictions of Goda graphical model
Figure 5.32- Maximum trough force vs predictions of Sainflou model
Since no suggestions come from the Takahashi et.al work, the maximum measured seaward
directed force onto the outer face of the wall has been compared with the predictions of the Goda
(1985) and Sainflou (1928) methods. In both cases Hmax and Tmax have been employed.   From the
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Figures (5.31) and (5.32), a trend at under-predicting wave loads from longer waves is detected,
although the Sainflou equation seems to perform slightly better than the Goda model, which is
based on graphical design lines.  These results are consistent with the findings of McConnell et.al
(1996), based on physical model tests.
Figure 5.33- Variation of ratio between Goad forces to maximum seaward force against relative water
depth
Figure 5.34- Variation of ratio between Sainflou forces to maximum seaward force against relative water
depth
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Figures (5.33) and (5.34) respectively display variation of ratio between Goda and Sainflou loads
to the maximum seaward load as a function of h/L1/3. Both predictions methods under predict the
seaward forces for h/L1/3<0.28. However, Sainflou method gives higher safety factor.  The result
is independent of air contribution.
5.3 Effect of the transmitted wave field
The previous section examined horizontal wave loading applied only on the front face of the
structure. In the continuation of the present study, following section discusses the effect of wave
overtopping and forces associated with wave transmission on the modeled sloping top breakwater.
The total load including what the front and rear face pressure transducers have recorded are
analyzed. The latter is called Net Force which is obtained from the algebraic summation of
landward load having positive direction and seaward load having negative direction. It is worthy
to note that any wave interaction on both sides of the caisson consisting of load generated in the
front face, due to wave crest or wave trough, and force produced at the rear side, due to overtopping
and related load, of the structure, can be in landward or seaward direction. Figure (5.35) shows an
example of a selected event from test 1A. Panel “a” represents landward force recorded on the
front face of the structure during the cycle consisting of an impact followed by some oscillations.
For the same cycle, Panel “b”, illustrates the chronogram of seaward load captured via rear side
pressure transducers. Apart from the landward impulsive load that structure experiences during the
cycle, a violent impact occurs due to the plunge of an overtopping wave behind the structure which
is consistent with Walkden et.al (2001) experimental study. Although the seaward force is
negative, here the plot shows only the magnitude of respective loading. Finally, panel “c” indicates
the horizontal resultant of landward and seaward load, NET force.
The time interval shown in all panels reveals that the impulsive seaward load caused by wave
overtopping occurs during wave trough of the incident wave which itself generates pulsating
seaward load as well. In such a situation Net force is superposed by to two different loading in
front and at the rear side of the structure.
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Figure 5.35- An example of wave forces in test 1A. (a) Time history of wave loading on front face of the
caisson. (b) Time history of wave loading at rear face of the caisson. (c) Net force
a
b
c
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For all tests and per each wave cycle, peaks and valleys associated with net force were obtained.
Figures (5.36) to (5.38) present such plots against cycle number for the tests 1A, 2B, and N2.  As
can be seen in the Figure (5.36), 13th cycle in test 1A represent the maximum net force in both
landward and seaward directions which are consistent with positive and negative peaks calculated
in Figure (5.35), panel “c”. In order to make a comparison between net landward and net seaward
forces, in these plots, absolute values of seaward loads are reported.
Figure 5.36- Maximum net landward and net seaward load for each cycle. Test 1A
Figure 5.37- Maximum net landward and net seaward load for each cycle. Test 2B
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Figure 5.38- Maximum net landward and net seaward load for each cycle. Test N2
Figure 5.39- Safety factor calculated by Net force for each cycle. Test 1A
Figure 5.40- Safety factor calculated by Net force for each cycle. Test 2B
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Figure 5.41- Safety factor calculated by Net force for each cycle. Test N2
Concerning abovementioned tests, the corresponding safety factor considering both net landward
and net seaward loads are shown in Figures (5.39) to (5.41).Safety factor, as previously described,
is defined as the ratio between the forces predicted by the Takahashi et.al (1994) and maximum
forces per cycle in landward and seaward direction. For the wave loading shown in Figure (5.39)
which represents the 13th cycle of test 1A, the minimum safety factor in landward and seaward
directions are 0.411 and 0.558 respectively. This can be interpreted by two facts. Firstly the
underestimation of Takahashi’s load for both directions and secondly the landward sliding
tendency during the respective wave cycle. It is worth to highlight that the former and the latter
vary cycle by cycle for each test and the design response must be governed by the absolute
minimum safety factor obtained from landward and seaward directions throughout the wave
loading.
Table (5.2) reports, for each test, the major statistical parameters namely maximum, mean,
standard deviation and mode of the non-dimensional maximum pressure at the peak of force. It is
seen, as expected, that air entrainment reduces the pressure magnitude;  comparing results for quasi
standing/surging breakers (3A and 3B versus 2A and 2B), a reduction of about 20% has been
detected, whereas in the test 4A the maximum pressure is less than half the value of test 1A. This
basically because in the former the wave heights are larger and tend to break rather far from the
breakwater, preventing the occurrence of impact events like those depicted In Figure (5.6).
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Table 5.2- statistical characteristics of non-dimensional maximum pressure-Front face
P/ρgHs - Front face
TEST CODE MAX MEAN S dev MODE
TEST1A 2.186 0.652 0.496 1.199
TEST1B 2.517 0.748 0.432 1.38
TEST1C 2.206 0.746 0.421 1.224
TEST2A 0.992 0.71 0.156 0.704
TEST2B 1.003 0.73 0.141 0.746
TEST2C 1.139 0.718 0.179 0.743
TESTSN1 1.68 0.77 0.476 1.171
TESTSN2 1.763 0.786 0.503 1.572
TEST3A 0.774 0.645 0.089 0.633
TEST3B 0.945 0.632 0.148 0.633
TEST4A 1.005 0.402 0.176 0.619
Figure (5.42) shows the maximum pressure measured on the outer face in each experiment, as a
function of the relative water depth h/L1/3. It is seen that the experimental values range from 0.77
to 2.5, tending to increase with reducing period. As anticipated, these values are significantly lower
than those measured for non-overtopped vertical breakwaters under impact waves, where p/ρgHs
reached up to 50 (Vicinanza, 1997). Despite the few points available, air is seen to have a central
effect (as expected), halving the breaking induced wave pressures.
Figure 5.42- Maximum pressure measured on the front face (at the peak of force) as a function of the
relative water depth.
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Table 5.3- statistical characteristics of non-dimensional maximum pressure-Rear face
P/ρgHs - Rear face
TEST CODE MAX MEAN S dev MODE
TEST1A 1.635 0.285 0.358 0.739
TEST1B 1.286 0.428 0.371 0.643
TEST1C 0.472 0.165 0.124 0.236
TEST2A 1.171 0.149 0.217 0.592
TEST2B 1.73 0.22 0.369 0.866
TEST2C 0.407 0.068 0.083 0.204
TESTSN1 2.794 0.52 0.767 1.391
TESTSN2 1.61 0.316 0.367 0.807
TEST3A 1.676 0.619 0.455 0.859
TEST3B 1.129 0.489 0.317 0.587
TEST4A 1.653 0.34 0.408 0.83
Table (5.3) summarizes the same measurements reported in the table (5.2) but at back face of the
sloping top breakwater.  As it will be discussed more in detail in the next section, there are different
mechanisms which are responsible to generate violent impact at back side of the structure.
Furthermore, since the impact mechanism is significantly affected by intrinsic uncertainty in the
water, and even by small disturbances of the free surface (Peregrine, 2003), the resulting loadings
exhibit a large variance particularly for same relative water depth (Fig. 5.43).
Figure 5.43- Maximum pressure measured at the rear face (at the peak of force) as a function of the
relative water depth.
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5.3.1 Global characteristics of net wave loading
Wave overtopping produces two main effects and namely:
· A variation of force peaks compared to those discussed in the previous section (which
accounted front face pressures only);
· The occurrence of impulsive loadings on the rear side of the breakwater.
Despite the above items are deeply interrelated, they will be analyzed separately in the following;
wave force chronograms at the rear wall are firstly smoothed using the same Savitzky and Golay
filter employed for front face loadings. In this way, impulsive peaks are “cutout”. Then, impact
events are studied in detail.
Variation of (smoothed) force peaks
Waves transmitted behind the structure by overtopping have been observed to possess a nearly π
phase lag compared to the incoming waves. Accordingly, both landward and seaward horizontal
force peaks at the front face are amplified in magnitude.  Figures (5.44) and (5.45) suggest the
amplification factor to be negligible for the trough loads (1.05 on average in Fig. 5.44), whereas
for the landward directed force it reaches 1.16 (Fig.5. 45). This factor should be incorporated into
the Takahashi et.al equation, to avoid significant under-predictions.
Figure 5.44- Seaward directed (trough) force peak calculated at the front face vs total force peak
including loadings generated by wave overtopping.
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Figure 5.45- Landward directed (crest) force peak calculated at the front face vs total force peak including
loadings generated by wave overtopping.
In each cycle, the structure experiences either a quasi-standing or impulsive wave force on the
outer face, which, in turn, themselves exert landward and seaward load during wave crest and
trough respectively. The breakwater is then overtopped and transmitted waves also produce loads
in both directions. In the following figures, the net wave loading characteristics of each test were
plotted versus different wave dependent parameters to obtain a meaningful behavior of wave-
structure interaction.  The percentage when the net seaward load exceeds net landward one is
shown in Figure (5.46). It is seen that the value of percentage is not highly affected by air
entrainment. By comparing this figure with equivalent Figure (5.27) which considers only
recorded loads on the front face of the structure, it is revealed that the wave overtopping has no a
significant influence on the respective percentage and it is mostly governed by wave loading
characteristics on the outer face of the caisson.
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Figure 5.46- Percentage when Net seaward load exceeds Net landward load vs relative water depth.
Figure (5.47) shows the percentage of the failure due to net landward load. This load is the
combination of wave crest action and any probable landward directed force induced by fluctuation
created through wave transmission.
Figure 5.47- Percentage of the failure due to Net landward load vs wave steepness.
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Percentage of the failure caused by net seaward load is plotted as a function of wave steepness in
Figure (5.48). The net seaward load includes wave trough action and seaward directed force
created by wave transmission. It is seen that percentage of the failure increases when steepness
increases but with more gentle slope compared with Figure (5.47). However, for all tests, the
probability of failure due to seaward loads is higher than landward force.
Figure 5.48- Percentage of the failure due to Net seaward load vs wave steepness.
Figure 5.49- Minimum safety factor against Net landward load vs wave steepness. (Left panel) Before
smoothing. (Right panel) After smoothing
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Figure (5.49) shows the variation of minimum safety factor against net landward load versus wave
steepness. A very good decreasing trend is observed while steepness increases. In all tests, the ratio
of Takahashi force to maximum net landward load is less than unity implying unsafe condition.
Compared to the equivalent graph shown in Figure (5.26), all minimum safety factors have
decreased which indicate the contribution of wave transmission in increasing landward loads.
Although the Goda and Sainflou formulae have been basically proposed for a non-overtopped
structure, nevertheless, minimum safety factor against total seaward load has not significantly been
affected by wave transmission. The latter is observed by comparing Figure (5.50) with Figures
(5.33) and (5.34). It must be also kept in mind that the respective seaward loads, either induced by
wave trough or caused by wave overtopping, have been already smoothed. Hence, the minimum
safety factors presented here have been calculated using pulsating loads peaks.
Figure 5.50- Minimum safety factor against Net seaward load vs relative wave depth. (Left panel) Goda
seaward load. (Right panel) Sainflou seaward load
Approximate sliding function
One of the most important forcings for the stability of monolithic breakwaters is the sliding
force, S. The latter represents the total shear the structure has to withstand (by its weight) to
prevent sliding on the bottom. S is defined as follows (Fig.5.51):
ܵ = ܨு + ߤ௦(ܨ௎ − ܨௌ௏)                    (4)
 In which:
· ܨு is the horizontal force including effects of transmitted waves;
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· ܨ௎ is the uplift force acting at the bottom;
· ܨௌ௏ is the vertical component of the wave force at the sloping top;
· µs is the structure-bottom friction factor.
Figure 5.51- Uplift force on sloping top caisson under overtopping conditions
In the present study, due to the lack of measurements for uplift pressures, an approximate sliding
chronogram has been calculated, assuming the distribution of uplift to be trapezoidal in all instants
(Fig. 5.51). A sample signal is shown in Figure (5.52), whereas in Figure (5.53) the maximum
positive of S for each test is plotted versus the maximum negative (in absolute value). It is observed
that for the longer periods the structure would tend to slide seaward rather than landward. This is
consistent with the report of Minikin (1950), who described the seaward collapse of Mustapha
breakwater (Algeria; 1934) after a violent storm where its top was massively overpassed.
Differently from what argued by Walkden et.al (2001), though, present data suggests that seaward
failure of overtopped breakwaters is not necessarily related to the occurrence of impact forces onto
the rear face (the sliding signals here analyzed have been previously smoothed). Rather, significant
overtopping reduces the landward force peaks compared to non-overtopped structure, making the
seaward peaks comparatively larger and crucial to the stability.
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Figure 5.52. Example of sliding force signal (smoothed).Test 2A
Figure 5.53. Maximum landward sliding force vs maximum seaward (Smoothed signals)
The above results also highlight the need of a reliable estimate of wave loadings under trough
phase, which were found to be frequently under-predicted by classical literature methods (Figs.
5.31 and 5.32). Tentative equations are given in the next subsection.
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Effect of wave transmission on sliding force is shown in Figures (5.54) and (5.55) in which
maximum landward and seaward sliding forces recorded on outer face of the structure are plotted
against maximum net (total) landward and seaward sliding forces respectively.
Figure 5.54. Maximum landward sliding force (front face) vs maximum total landward sliding force
(Smoothed signals)
Figure 5.55. Maximum seaward sliding force (front face) vs maximum total seaward sliding force
(Smoothed signals)
y = 1.135x
R² = 0.9
0
200
400
600
800
1000
1200
0 200 400 600 800 1000 1200
M
ax
im
um
la
nd
w
ar
d
sl
id
in
g
fo
rc
e
(N
et
fo
rc
e)
[K
N
/m
]-S
m
oo
th
ed
Mximum landward sliding force (front face) [KN/m]-Smoothed
1A-1B-1C
2A-2B-2C
N1-N2
4A-3A-3B (with air)
y = 1.025x
R² = 0.99
0
200
400
600
800
1000
1200
1400
1600
0 200 400 600 800 1000 1200 1400 1600
M
ax
im
um
se
aw
ar
d
sl
id
in
g
fo
rc
e
(N
et
fo
rc
e)
[K
N
/m
]-S
m
oo
th
ed
Mximum seaward sliding force (front face) [KN/m]-Smoothed
1A-1B-1C
2A-2B-2C
N1-N2
4A-3A-3B (with air)
Chapter 5. Analysis of wave loadings acting on sloping top breakwater
129
It is seen that overtopping gives rise to an increase of 13.5 % in landward sliding force and increase
of 2.5% in seaward sliding force. It must be kept in mind that the respective force signals have
been already smoothed and probable impacts loads, in both side of the caisson, have not been
considered.
Variations of ratio between Takahashi and maximum landward/seaward sliding force (safety
factor) against relative water depth are shown in Figures (5.56) and (5.57).  An obvious trend is
observed for landward direction whereas the variations in seaward direction is scattered.
Moreover, for all tests, safety factor is less that unity under trough phase. However, the Takahashi
method gives a slightly better prediction only for longer waves under crest phase.
Figure 5.56- Minimum safety factor against landward sliding. Left panel: front face. Right panel: net
force (Smoothed signals)
Figure 5.57- Minimum safety factor against seaward sliding. Left panel: front face. Right panel: net force
(Smoothed signals)
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The use of the Linear Thrust Parameter (LTP)
As pointed out by Hughes (2004), wave momentum flux is the property of progressive waves most
closely related to force loads on coastal structures or any other solid object placed in the wave
field. For this reason, wave momentum flux is a compelling wave property for characterizing
waves in the nearshore region, and potentially, for relating waves to the response of coastal
structures due to wave loading or to other coastal processes. A convenient expression for non-
dimensional maximum depth-integrated wave momentum flux is given by the following equation:
൬
ܯி
ߩ݃ℎଶ
൰
௠௔௫
= 12 ൬ܪℎ൰ ݐܽ݊ℎ݇ℎ݇ℎ + 18 	൬ܪℎ൰ଶ × ൤1 + 2݇ℎݏ݅݊ℎ݇ℎ൨										(5.1)
By retaining only the first order terms, The Linear Thrust Parameter is defined as:
ܮ்௉ = ܪℎ tanh	(݇ℎ)݇ℎ 										(5.2)
Which represents the ratio between the maximum value (over a wave period) of the wave
momentum flux and the corresponding hydrostatic still water thrust. In the Equation (5.2) HI is the
incident wave height at the toe of the structure and k represents the wave number 2π/L. It is seen
that LTP coincides with the wave height to depth ratio (H/h) in shallow water.
In analyzing the structural response of a wave energy converter consisting of a set of inclined
concrete plates subject to severe overtopping, Buccino et.al (2015) proposed the following formula
to calculate the horizontal component of wave force under crest phase:
ܨ = ܭ ∙ ߩ݃ܮ்௉ℎℎ௖ 										(5.3)
In the Equation (5.3), ρ is the water density, g is gravity, h is the water depth at the structure toe
and hc is structure height. Finally,	ܭ is an empirical coefficient of order of one.
In order to take the effect of overtopping process into the account, the Equation (5.3) is rewritten
as follows:
ܨ = ܭ ∙ ߩ݃ܮ்௉ℎℎ௖ (1 + ܭோ)				2 											(5.4)
In which KR is the reflection coefficient that can be calculated through Equation (4.5)
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 It has been found Equation (5.4) to reasonably predict either the maximum landward horizontal
force or the maximum seaward one or the corresponding peaks of the sliding force S (Figs 5.58 to
5.65).
Figure 5.58. Maximum total landward load predicted by Eq.5.4 - (Smoothed signals)
Figure 5.59- Maximum landward load (front face) predicted by Eq.5.4 - (Smoothed signals)
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Figure 5.60-Maximum total seaward load predicted by Eq.5.4 - (Smoothed signals)
Figure 5.61- Maximum seaward load (front face) predicted by Eq.5.4 - (Smoothed signals)
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Figure 5.62- Maximum total landward sliding force predicted by Eq.5.4 - (Smoothed signals)
Figure 5.63- Maximum landward sliding force (front face) predicted by Eq.5.4 - (Smoothed signals)
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Figure 5.64- Maximum total seaward sliding force predicted by Eq.5.4 - (Smoothed signals)
Figure 5.65- Maximum seaward sliding force (front face) predicted by Eq.5.4 - (Smoothed signals)
The equations for seaward loads (both horizontal peak and sliding) are of interest, since under
trough phase the force magnitude is expected to depend only slightly on the geometry of the
sloping top breakwater; thus, they could be used to give quick predictions at the preliminary stage
of the design process. On contrary, the equation for crest force must be taken with a certain caution.
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One of the most interesting features of the horizontal force signals is shown in Table (5.4), where
it is seen that the average impulse per cycle is negative for all tests; this suggests a certain trend of
the structure to slide seaward rather than landward. The observed behavior is clearly related to the
occurrence of wave overtopping, which from the one side reduces magnitude and duration of the
landward force, and from the other side increases the seaward loadings due to the action of
transmitted waves.
Table 5.4- Average impulse by Net force
TEST CODE Average impulse by net force (KN.s/m)
TEST1A -320.06
TEST1B -272.55
TEST1C -128.243
TEST2A -1646.24
TEST2B -868.031
TEST2C -674.187
TESTSN1 -327.002
TESTSN2 -516.216
TEST3A -772.043
TEST3B -275.131
TEST4A -167.27
Figure 5.66- Variation of average net impulse per cycle as a function of Eq.5.4
y = 0.107x1.38
R² = 0.88
y = 0.015x1.54
R² = 0.86
0
200
400
600
800
1000
1200
1400
1600
1800
0 200 400 600 800 1000 1200
Av
er
ag
e
im
pu
ls
e
pe
rc
yc
le
[K
N
.s
/m
]
Ab
so
lu
te
va
lu
es
Eq. 5.4
1A-1B-1C
2A-2B-2C
N1-N2
4A-3A-3B (with air)
Chapter 5. Analysis of wave loadings acting on sloping top breakwater
136
Equation (5.4) also was found as an appropriate criterion to evaluate average impulse per cycle
calculated trough net force (Fig. 5.66).  Test 2A has the greatest and test 1C has the smallest
average impulse. This implies highest and lowest asymmetrical wave loading on the structure
respectively. It is in compliance with the mean wave overtopping discharge for each test as well.
It is seen that average impulse increases as LTP increases. This trend is observed for both wave
without and with air entrainment, however, waves with air contribution have less asymmetrical
behavior for the same LTP value.
5.4 Analysis of horizontal forces associated with rear face of the structure
This section presents a detailed description of seaward impulse loads on the sloping top
breakwater caused by wave overtopping. Attention is focused on mechanisms that may
cause such loads, and consideration given to implications for the design of sloping top
breakwaters. Although some reports of the seaward failure of prototype structures,
apparently resulting from overtopping, have been also found, a review of the literature
shows that there have been extremely limited studies dealing with this problem.
As described by Walkden et al. (2001), heavy overtopping of a breakwater with a low crest can
lead to a significant impact of water from the wave onto water behind the breakwater. Thus,
although this is not a direct impact on the breakwater, it is much more confined. Authors measured
pressures on the landward side of a model caisson breakwater during wave overtopping events.
They also found transient pressure pulses acting on the back wall of the caisson which were
probably generated by the impact of the overtopping water mass on the calm water behind the
breakwater. The falling water was shown to have trapped a large air pocket just above the water
closest to the breakwater. Initially, the theoretical pressure impulse model was evaluated with the
pressure in the air pocket equal to atmospheric pressure. However, experimental pressure
measurements close to the free surface indicated a much higher impulse. Satisfying agreement
between theory and experiment was obtained when the pressure impulse at the air pocket water
interface was set equal to 80% of that attributed to the falling water. Figure (5.67) shows a
schematic a seawards directed impact caused by excessive wave overtopping, which result in
caisson's tilt seaward.
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Figure 5.67- Failure due to excessive overtopping via seaward tilt
5.4.1 Breaker-Type classification
Measurements of impact pressures and forces together with simultaneous video records of the
wave motion at the back side of the caisson revealed some significant aspects of wave loading
caused by the transmitted wave. Besides pulsating load created by wave transmission at the rear
side of the structure, Impulsive pressures generation associated with various wave loading
mechanisms were discovered.
Figure 5.68- Breaker classification (Oumeraci et.al.1993).
(a) (b)
(c) (d)
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Before describing such interesting observations, it is worth to review the pressures distributions
associated with impacts categorized in terms of breaker conditions. Oumeraci et al. (1993) made
systematic analyses of the impact pressure histories, together with the corresponding high-speed
video pictures of breaking wave shapes in front of a vertical breakwater. As a result, the wave
impact pressure characteristics are divided into the four principal categories in relation to the
following breaker shapes (Fig.5.68); turbulent bore, well-developed plunging breakers, plunging
breakers and upward deflected breakers (similar to flip-through) .
Loading Case 1: Turbulent Bore
An example of a force time history of turbulent bore breaker type is shown in Figure (5.69 a). In
this type, the wave breaks before reaching the structure. Typically, this loading case not only
exhibits much smaller impact pressures but also the lowest total forces when compared to the other
loading cases. This is obvious since the waves break far away from the wall and most energy is
dissipated before reaching the wall.
Loading Case 2: Well-Developed Plunging Breaker with Large Air pocket
The most striking feature, in this case, is the occurrence of two distinct pressure distributions: the
first one develops at higher elevations and exhibits very high impact pressures with shorter
durations and smaller impact areas, whereas the second one, which develops immediately under
the first impact zone, acts on a larger area and depicts smaller impact pressures with longer
durations. These different distributions correspond to the hammer shock that is induced by the
impinging breaker tongue and to the compression shock as a result of the compressed large air
pocket, respectively (Lundgren 1969). These clearly appear in the force traces as two distinct peaks
(Fig 5.69b).
Loading Case 3: Plunging Breaker with Small Air pocket
The force history is generally characterized by a very sharp single peak followed by a longer-
lasting quasi-static force (Fig. 5.69c) superimposed by oscillations with much higher frequencies
and smaller amplitudes when compared to those observed in loading case 2 i.e. Well-Developed
Plunging Breaker. The characteristics of these force oscillations indicate the nature and the size of
the entrapped air. The higher the frequency of these oscillations, the smaller the air cushion.
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Loading Case 4: Upward Deflected (flip-through) Breaker
The characteristics of the pressure distributions are almost the same as for loading case 3, with the
exception that loading case 4 does not display any sharp force peak and any high impact pressure.
These relatively low loads result from the incomplete breaking, due to the presence of the wall.
Actually, breaker type represents a transition between loading case 3 and a standing wave loading
situation. This transition is also indicated by the occurrence of two asymmetric humps in the force
history (Fig. 5.69 d). It is known that with increasing wave steepness, the pressures under standing
waves begin to display symmetric double humps, due to the higher harmonics of the standing
waves (Miche 1944; Bouyssou and Doublet 1957; Chabert D'Hieres 1960; Goda 1967). The fact
that the double humps become asymmetric and that the first hump becomes larger than the second
one indicates that a transition from a standing-wave situation to breaking waves is taking place.
Figure 5.69- Temporal and Spatial Pressure Distribution for Breaker Types in Fig. 5.68
(Oumeraci et.al.1993).
5.4.2 Identification of Impulsive seaward loads mechanism
This section addresses some of the most significant aspects of wave overtopping. The main
characteristics of horizontal wave loading that occur during and particularly just after the plunge
of the wave into the harbor are presented. The combined analysis of video camera recordings and
pressure records made it possible to identify the main mechanism producing impulsive pressure at
the wall.  Analyzing around 300 video frames of overtopping process at back side of the breakwater
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revealed a fast processes that occur during and after a wave impact cause induced by overtopping
As the impact pressures created by such loads generate sometimes very large forces acting on the
structure it is very important to know the general properties of these impact pressure in order to
estimate their effects. Also, the prediction of the impact pressures is very difficult due to the
complex and time-dependent shape of the wave and the impact zone, where water slams against a
wall. The video analysis made possible to characterize the seaward directed impact loads exerting
to the rear face of the caisson through three sequence phases:
Phase I: impact pressure induced by wave overtopping
As pointed out by Walkden et.al (2001), waves overtopping breakwaters can produce transient
seaward forces that are large relative to landward loads when they plunge into the harbor water.
This impact eliminates much of the effect of zero pressure impulse at the free surface and hence
exerts significant impulse on the rear of the breakwater (D. H. Peregrine 2003).
Figure 5.70- An example of impact pressure induced by wave overtopping, phase I. (Test 1A)
(a) (b)
(c) (d)
(e) (f)
Chapter 5. Analysis of wave loadings acting on sloping top breakwater
141
An example of a sequence of video frames grabbed from numerical simulation of test 1A during
wave overtopping is shown in Figure (5.70). The latter doesn’t include the effect of air entrainment.
The first photograph (frame a) shows the jet of the wave curling over the free surface and hitting
the wall as a broken wave. The latter begins to pass over the superstructure (frame c) and the crest
plunges and collapse into the harbor producing a significant seaward horizontal force (frame d and
e). Finlay Increase in water level at the rear face whilst water drains seaward off the superstructure
and away from the caisson causing a seaward force is shown (frame f).
Phase II: impact pressure induced by upward deflected (flip-through) breaker
Overtopping impact onto still water level triggers a wave toward the wall and slams to the back
face of the structure as an upward deflected breaker.
Figure 5.71- An example of impact pressure induced by upward deflected, phase II. (Test 1A)
S2
S2
(a) (b)
(c) (d)
(e) (f)
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The remarkable feature of a flip-through condition, compared with other breaker types, is that a
high-speed vertical jet and very violent pressures occur without any actual impact on the wall but
with a smooth irrotational flow. Figure (5.71) which is referred to the test 1A, presents such a
loading in sequence stages. Frame (b) shows the plunging plume of overtopping waves into the
harbor basin creating impulsive load.  As seen in frames (c), (d) and (e) the wave front does not
become vertical and an upward moving jet is formed at contracting region of the wave surface.
The upward velocity of the wave surface is accelerated rapidly around the contracting region and
becomes larger than the forward velocity of the wave surface. Frame (f) shows the impact instant,
indicted in the frame (e), from a closer view. The maximum pressure induced by upward deflected
breaks was recorded by pressure transducer S2, which is the same order of magnitude of the
incident significant wave height.
Phase III: impact pressure induced by successive plunging waves
Figure (5.72) illustrates the development of a plunging jet at the rear of the breakwater for test 3A.
The latter takes into account the effect of air. During the plunge of overtopping jet, a momentum
flux associated with falling plume is transferred into the still water creating high turbulent
condition (frame b). In most of the cases, and under such a situation, two of three seaward directed
waves are successively formed. Initial waves break onto water (frame d) whereas last produced
wave is sometimes well-developed while it has reached to wall is and is able to apply a violent
impact to the wall as a plunging jet (frame f). However, in some cases waves lose their energy
during consecutive breaking and are not capable to exert significant impact. As it is seen in frame
f, at the instant of impact, a large amount of air will be trapped between the wave and the wall.
The pressure signal associated with transducer S3 where the plunging breaker collides with the
wall has been also presented.
The maximum pressure measured is 1.2 times the incident significant wave height, which is far
less than what achieved on vertical breakwaters, where values exceeding ten have been reported
(Goda, 1995). In the following sections, a detailed description of wave loading features
corresponding to each phase are presented.
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Figure 5.72- An example of impact pressure induced by successive plunging jet, phase III. (Test 3A)
S3
S3
(a) (b)
(c) (d)
(e) (f)
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5.4.3 Impact pressure induced by wave overtopping and upward deflected
Figure (5.73) illustrates shows the time histories of the horizontal wave force exerted on rear (panel
a) and front face (panel b) and resultant net force (panel c) during the overtopping of Figure (5.70)
The selected interval time shows an intensive seaward directed impact at the instant of collision of
overtopping jet to water surface. While the back wall of the structure experiences such a loading,
the front face signal located a short distance below the mean wave level, applies a slight pulsating
load in seaward direction. So, the structure is imposed by a high impulsive and a low non-impulsive
load simultaneously characterized by net force (Fig 5.73 c).
Figure 5.73- Time history of force during event shown in Fig. 5.70
Figure (5.74) presents the time history of the wave impact along with captured frames
corresponding to peaks pointed by arrows. The violent impact of the overtopping jet onto the water
behind the structure generates large accelerations and inertia forces that are compensated by a
system of impulsive pressures at the wall. The impact, which leads to maximum pressures of the
(a) (b)
(c)
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order of two times the significant wave height, is followed by a series of free oscillations of the
water surface at a frequency of about 3Hz. It would be interesting to note that although this test
(i.e. test 1A) has been conducted without including the effect of air, a number of oscillations appear
immediately after the peak of the impact force. These oscillations were also observed in physical
experiment carried out by Walkden et.al 2001 (their Figure 12). Contrary to what it is supposed
that these oscillations are due to the air pocket compression, a very rapid rise of the waterline
appears to constitute the main reason for these high-frequency fluctuations.
Figure 5.74- Time series of force on the back of the breakwater along with corresponding frames for
event shown in Fig. 5.70
For the respective event, distribution of the pressure at the peak of forces along the height of the
wall is shown in Figure (5.75). As it is seen, not only the pressure exerted to the structure cause
by overdoing, but even also the transient pressures generated by following oscillations, particularly
at the lower part of the structure,  are underestimated by Takahashi’s method.  The transmitted
wave field is generally in phase opposition respect to the incoming waves and accordingly both
the landward and the seaward force applied on the outer face of the wall are amplified
(see Fig. 5.76). The negative pressures acted on the rear face of the breakwater under the crest,
leads the total “net” wave load to exceed the predictions of Takahashi et.al method for all the tests
here examined.
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Figure 5.75- Time series of force on the back of the breakwater along with distribution of pressures for
event shown in Fig. 5.70
Figure 5.76- Seaward directed loads induced by front wave trough and rear impulsive load
It is useful to highlight that in some cases the impulsive peak of maximum force induced by flip
through was the prominent feature of wave loading time history. Figure (5.77) illustrates two
consecutive moments, captured form test 1A, in which the maximum upward deflected force
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exerted on the wall in 25 % greater than the force generated by wave overtopping. It is seen that
the maximum seaward net force occurs when the rear force signal peaks. In addition, the finding
of Hull and Müller (2002) for which the impact point for a flip-through event occurs above SWL
is verified.
Figure 5.77- Time series of force on the back of the breakwater along with corresponding frames,
pressure distribution and pressure impulse at the peak of force for event shown in Fig. 5.71
Another example of impulsive loading induced by overtopping jet is shown in Figure (5.78) this
event occurred during simulation of test 4A which does include air entrainment. Because of the
presence of the air bubbles, the signal is highly oscillatory compared to the tests which don’t
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consider this effect. It is seen that same as test 1A, the main impact is followed by high-frequency
fluctuations due to fast-rising of water level just after hitting overtopping jet to the free surface.
Hence, as it was already mentioned, the respective oscillations probably cannot be interpreted due
to compression of air entrapment.
Figure 5.78- Time series of force on the back of the breakwater along with corresponding frames –
Test 4A
Pressure distributions at the time of force peaks associated with main impact and following
oscillations are indicated in Figure (5.79) For all impacts, the maximum pressure at peak of forces
were observed below the still water level (recorded by transducer S3). While the most violent
impact, induced by overtopping jet occurs, the suction force caused by wave trough is exerted on
the front face of the structure. Hence, although seaward directed impacts are becoming less
intensive after main impulsive force, on the other hand, the seaward thrust due to wave trough
grows. Under such a situation, simultaneously, structure experiences two seaward directed loads
which their sum exceeds Takahashi et.al (1994) prediction.
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Figure 5.79- Time series of force on the back of the breakwater along with distribution of pressures –
Test 4A
Comparison with Walkden et.al 2001
In section (3.4.3) the experimental study conducted by Walkden et.al (2001) was reviewed. The
authors derived a theoretical relationship to calculate pressure impulse on the back face of the
caisson due to the impact of the overtopping plume on the still water. The theory was based on
solving a boundary value problem whit some assumption to take the effect of the air into account.
In this section, results obtained from numerical simulation are compared to the prediction method
given in Equation (3.11) In order to calculate the pressure impulse on the wall, dimensions
indicated in Figure (5.80) were measured for all test even by the event. Table (5.5) shows the
maximum, minimum and average of respective parameters for all tests. The average values of each
parameter (i.e. aavg,  bavg and davg) were plotted against wave reflection coefficient as shown in
Figures (5.81) to (5.83). A very good agreement was observed for the length of air pocket as a
function of KR however, for aavg and bavg a satisfying prediction were obtained.
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Figure 5.80- Overtopping parameters used for theoretical model
Table 5.5- Max, min and average of overtopping parameters shown in Fig.5.80
TEST
CODE
a (m) b (m) d (m)
MAX MIN AVG MAX MIN AVG MAX MIN AVG
TEST1A 4.97 1.89 2.65 2.33 0.82 1.51 4.02 1.38 2.79
TEST1B 2.70 1.31 1.77 1.78 0.98 1.27 3.59 1.22 2.30
TEST1C 2.08 0.80 1.37 1.38 0.71 1.05 3.12 1.33 2.10
TEST2A 4.32 1.38 2.47 3.74 0.98 1.81 4.29 1.69 3.11
TEST2B 2.64 1.68 2.08 2.15 1.04 1.47 4.08 2.32 3.19
TEST2C 2.32 1.30 1.72 1.56 0.83 1.19 3.69 2.06 2.83
TESTSN1 2.90 1.76 2.29 2.54 1.14 1.64 3.51 1.05 2.44
TESTSN2 3.03 1.75 2.48 3.19 1.44 1.88 3.59 1.28 2.54
TEST3A 3.04 1.00 1.74 3.98 0.91 2.27 5.92 0.74 3.50
TEST3B 1.89 0.60 1.17 2.93 0.69 1.12 6.26 0.99 4.19
TEST4A 3.08 1.09 2.04 3.79 1.14 1.98 5.64 0.10 2.76
a
b
d
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Figure 5.81- Variation of aavg/Lp vs wave reflection coefficient
Figure 5.82- Variation of bavg/Lp vs wave reflection coefficient
Figure 5.83- Variation of davg/Lp vs wave reflection coefficient
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The resulting values of pressure impulse (integrated pressures through an impact with respect to
time) from each ten pressure transducers at the rear face of the model are shown in the Figures
(5.84) to (5.94). The corresponding pressure impulse on the wall predicted by Equation (3.11) is
also shown in these figures with a solid line. For each test, the values of maximum, minimum and
average of the root-mean-square error (RMSE) were also determined to estimate the difference
between measured and predicted values (Table 5.6). Corresponding overtopping parameters for
maximum and minimum RMSE also give the table.
Table 5.6- RMSE between measured pressure impulse and theoretical model along with corresponding
overtopping parameters
TEST
CODE
RMSE (Ns/m2)ρg MAX RMSE MIN RMSE
MAX MIN AVG a (m) b (m) d (m) a (m) b (m) d (m)
TEST1A 0.24 0.03 0.13 3.27 1.89 2.14 1.89 1.38 2.51
TEST1B 0.17 0.04 0.09 1.61 1.28 2.70 2.09 1.34 1.36
TEST1C 0.25 0.05 0.12 1.50 1.17 2.04 1.58 1.33 2.83
TEST2A 0.32 0.01 0.06 1.82 1.45 1.69 2.29 1.38 3.00
TEST2B 0.12 0.01 0.04 1.76 1.91 2.40 2.16 1.60 3.12
TEST2C 0.11 0.01 0.05 1.79 1.19 2.72 2.19 1.56 3.69
TESTSN1 0.19 0.01 0.07 1.93 1.14 1.05 2.28 1.75 3.51
TESTSN2 0.31 0.01 0.08 2.63 1.44 1.76 1.99 1.52 3.35
TEST3A 0.53 0.01 0.15 1.62 3.98 2.00 1.00 0.91 4.40
TEST3B 0.07 0.00 0.03 0.99 1.14 3.68 0.70 1.14 3.38
TEST4A 0.24 0.02 0.11 3.08 3.46 0.81 2.23 1.33 3.60
It is observed that the prediction method is not reliable and has high underestimation in many
cases. It is interesting to note that, as reported by Walkden et.al (2001), for their particular
experiments, pressure impulse per unit length of the water surface due to the air pocket could be
as much as 80% of the contribution by the plume impact. Nevertheless, although in the test 1A to
N2 the effect of the air has been neglected, pressure impulse near the still water level does not tend
to zero and even increase till water surface. The latter shows that such a high-pressure impulse
occurring in the air pocket might not have a physical aspect.  This uncertainty is also supported by
observing high-frequency oscillations followed by main force impact during the test without air
contributions.
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Figure 5.84- Pressure impulse on the back of the caisson for Test 1A. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.85- Pressure impulse on the back of the caisson for Test 1B. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.86- Pressure impulse on the back of the caisson for Test 1C. Left panel: Max RMSE. Right
panel: Min RMSE
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Figure 5.87- Pressure impulse on the back of the caisson for Test 2A. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.88- Pressure impulse on the back of the caisson for Test 2B. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.89- Pressure impulse on the back of the caisson for Test 2C. Left panel: Max RMSE. Right
panel: Min RMSE
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Figure 5.90- Pressure impulse on the back of the caisson for Test N1. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.91- Pressure impulse on the back of the caisson for Test N2. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.92- Pressure impulse on the back of the caisson for Test 3A. Left panel: Max RMSE. Right
panel: Min RMSE
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Figure 5.93- Pressure impulse on the back of the caisson for Test 3B. Left panel: Max RMSE. Right
panel: Min RMSE
Figure 5.94- Pressure impulse on the back of the caisson for Test 4A. Left panel: Max RMSE. Right
panel: Min RMSE
5.4.4 Impact pressure induced by generated plunging wave
The development of the plunging breaker as the third phase of wave loading was observed for all
tests. However, for shorter waves, created plunging waves were mostly broken on still water level
whereas longer waves directly collided on the wall in most of the time. Figure (5.95) shows the
chronogram of wave force signal (Test 2A) along with the development plunging waves
corresponding to each peak pointed by arrows. The distribution of pressure and pressure impulse
for associated with the main impact are also presented. Expectedly, the distribution of pressure at
peak of the force is consistent with conventional vertical breakwater. The maximum impulsive
pressure, recorded by pressure transducer S3, is only 1.16 times greater than significant incident
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wave which is far less than what has been reported for breaking waves on plane vertical walls.
This is mainly because that in the present study, due to some numerical modeling considerations,
it was avoided to place a pressure probe on SWL. Hence, it not feasible to evaluate the magnitude
of pressure exactly on the still water level. Nevertheless, the pressure transducer S3, located close
to still water level, could record the maximum pressure induced by breaking waves.
Figure 5.95- Time series of force on the back of the breakwater along with frames, distribution of
pressures and pressure impulse at the peak of most violent force– Test 2A
Figure (5.96) compares force signals created by plunging waves for the tests 3A (left panel) and
2A (right panel). The effect of air contribution is clearly seen in this figure. The compression of
air pocket creates oscillating pressures with 1.53 Hz. This is the situation is not observed in the
test 2A due to lack of air presence in a confined area between the wave and wall.
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Figure 5.96- Time histories of force generated by plunging wave. Left panel: with air contribution. Right
panel: without air contribution
5.4.5 Global characteristics of transmitted wave loadings
Impact Loads induced by overtopping water
Results from numerical simulation indicate that violent wave impacts caused by overtopping water
are very sensitive to wave period and width of overtopping jet i.e. “a”.
Figure 5.97- Maximum non-dimensional impact load due to overtopping vs wave reflection coefficient
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Hence, the peak of forces created on the back of the caisson was non-dimensionalized by average
of the width of overtopping jet “aavg”   and L1/3 which is corresponding to significant wave length.
Figures (5.97) and (5.98) respectively represent the non-dimensional maximum and average force
induced by overtopping jet as a function of wave reflection coefficient. It is seen that load exerted
due to overtopping plume is decrease when wave reflection increase. Apart from one out layer
point in Figure (5.97), a very good exponential trend is observed for both maximum and average
load. Another interesting feature is examination of minimum safety factor against seaward load
under such a wave loading. Figure (5.99) shows minimum safety factor decreases considerably by
increasing wave steepness. It can be seen that only the tests 1A, 1B, 1C and 4A possessing smallest
values of steepness, are placed in unsafe condition.
Figure 5.98- Average non-dimensional impact load due to overtopping vs wave reflection coefficient
Figure 5.99- Minimum safety factor against impact load due to overtopping vs wave steepness
y = 0.2e-2.09x
R² = 0.87
0
0.04
0.08
0.12
0.16
0.2
0 0.2 0.4 0.6 0.8 1
F a
vg
-o
ve
rt
op
pi
ng
/ρ
ga
av
gL
1/
3
KR
y = 0.004x-1.9
R² = 0.8
0
1
2
3
4
5
6
0 0.02 0.04 0.06 0.08 0.1
Ta
ka
ha
sh
if
or
ce
/O
ve
rt
op
pi
ng
pl
um
e
lo
ad
H1/3/L1/3
SAFE
UNSAFE
Chapter 5. Analysis of wave loadings acting on sloping top breakwater
160
Impact Loads induced by upward deflected breaker
In order to estimate impact load due to the upward deflected breaker, several geometry parameters
of overtopping were evaluated. It was found that intensity of forces created by rising in water level
on the back of caisson, is highly correlated with the overflow depth (db) indicated in Figure (5.100).
The values of maximum, minimum and average of overflow depth (db) for each test is tabulated in
Table (5.7).
Figure 5.100- The instant when overflow depth has been measured
Table 5.7- Max, min and average of overflow depth indicated in Fig 5.100
TEST CODE
db (m)
MAX MIN AVG
TEST1A 1.5086 0.5657 1.039243
TEST1B 1.171 0.4461 0.73267
TEST1C 0.7083 0.25 0.429579
TEST2A 3.2665 0.6399 1.851103
TEST2B 2.5521 0.638 1.499400
TEST2C 1.6582 0.4643 0.880916
TESTSN1 1.5758 0.7003 1.152642
TESTSN2 2.0737 0.957 1.511887
TEST3A 2.9747 0.873 2.233227
TEST3B 1.9845 0.5457 1.137793
TEST4A 1.7067 0.8534 1.24684
db
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Figure (5.101) and (5.102) illustrate the variation of maximum and average non-dimensional
forces induced by flip-through against liners thrust parameter. The good exponential trend was
found irrespective of the inclusion of air in the simulation. It is seen that the upward deflected
force decreases when LTP increase.  Figure (5.103) shows minimum safety factor associated with
such a loading versus wave steepness. Same as overtopping loading case, minimum safety factor
decrease when steepness increase. However, it seems that the loads caused by flip through could
create more critical condition.
Figure 5.101- Maximum non-dimensional impact load due to upward deflected vs liner thrust parameter
Figure 5.102- Average non-dimensional impact load due to upward deflected vs liner thrust parameter
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Figure 5.103- Minimum safety factor against impact load due to upward deflected vs wave steepness
Impact Loads induced by successive plunging jet
 Plunging waves, on the back of the caisson, are formed due to the fully disturbed situation created
by transferring momentum flux of overtopping jet to the water surface. In most of the cases first
plunging jet breaks onto the water and second plunging wave is reformed and hits to the wall.
Under such a situation, it will be very difficult to predict the magnitude of force produced by this
type of wave loading. However, as shown in Figure (5.104) and (5.105) the maximum and average
of non-dimensional impact load are fairly well described by relative freeboard. As it is seen, the
presence of the air doesn’t exert an influence on the obtained trend. The ratio between the force
predicted by the Takahashi et.al (1994 and the maximum value of impact load due breaking wave
is shown in Figure (5.106). The points below unity are in unsafe condition. Compared to other
wave loading mechanism which was previously described, Forces produced under this phase are
less critical from an engineering point of view.
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Figure 5.104- Maximum non-dimensional impact load due to plunging wave vs relative freeboard
Figure 5.105- Average non-dimensional impact load due to plunging wave vs relative freeboard
Figure 5.106- Minimum safety factor against impact load due to plunging wave vs wave steepness
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CHPTER 6
CONCLUSION
In this thesis the structural response of an overtopped sloping top caisson breakwater has been
studied through 11 numerical CFD experiments conducted with Flow-3D. Eight of these tests have
been performed neglecting the presence of air, whereas in three of them it has been accounted for.
The RNG turbulent model used for this thesis has been already satisfactorily validated against
laboratory measurements obtained from a small scale model of SSG (Seawave
Slotcone Generators) originally designed as a possible pilot plant.
The main conclusions of the analysis can be summarized as follows:
6.1 Analyze of the pressures on the front face of the structure
· The superstructure geometry of  the tested breakwater critically affect its hydraulic
response and its desired performance, both from a functional and stability/safety points of
view, due to the dominant role played by wave overtopping and hydrodynamic wave
forces.
· Pressure measurements, using trapezoidal method, were integrated over the whole area of
the structure to obtain were wave force.
· Three wave loadings cases associated with broken, impulsive and quasi-static waves were
distinguished.
· The analyses of wave loading acing only on the outer face of the structure (i.e. without
considering the effects of transmitted waves) revealed that wave overtopping give rise to a
reduction of wave force under the crest phase compared to vertical breakwaters. However,
wave load under trough phase remain unaffected and applies large pulsating seaward load.
Both (smoothed) landward and seaward loads in this phase decrees as wave steepness
increase. As a result, the main hydrodynamic loadings are directed seaward rather than
landward.
· The method of Takahashi et al. (1994) for the prediction of the maximum force under the
crest and trough phases seem to under predict experimental data, especially for steep
Chapter 6. Conclusion
165
waves. The respective underestimation was considerably larger in seaward direction
(trough phase) compared to the landward one (crest phase).
·  The methods of Goda (1985) and Sainflou (1928) for estimating seaward loads under
trough phase of a non-overtopped structures were compared to the numerical
measurements. Results showed under prediction for both methods however, Sainflou
(1928) formula gave better agreement.
· Analysis of the sliding force calculated through loads on the outer face of the structure
reveal that the both landward and seaward sliding forces decrease as relative water depth
increases. The values of safety factors (Takahashi sliding force/measured sliding force) for
landward load is larger than seaward one implying that the structure tends to slides
seaward.
6.2 Effects of transmitted wave field
· The analysis showed that the transmitted waves field act to increase both the landward and
the seaward forces and that the conventional design methods may be not adequate to
guarantee an appropriate degree of safety to the structure. It is worthy to note that this
amplification in landward direction is greater than seaward-directed loads.
· The wave overtopping causes a reduction of wave force under the crest phase (compared
to a non-overtopped structure) and generates supplementary actions on the rear wall via
transmission. As a result, the main hydrodynamic loadings are directed seaward rather than
landward.
· The maximum pressures measured whether in front or at rear of the structure are of the
order of 2 times the incident significant wave height; as expected, the presence of air reduce
the magnitude of loadings, halving the pressures induced by breaking waves.
· Analysis of net sliding force (i.e. taking the effect transmitted waves into the account)
showed that for the longer periods the structure would tend to slide seaward rather than
landward. This is consistent with the report of Minikin (1950), who described the seaward
collapse of Mustapha breakwater (Algeria; 1934) after a violent storm where its top was
massively overpassed.
·  A predictive formula was given for either the maximum landward horizontal force or the
maximum seaward one or the corresponding peaks of the sliding force S. Also, an empirical
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formula to estimate wave reflection coefficient was derived using combination of
Takahashi (1994) and numerical simulation data.
6.3 Analyze of the pressures on the rear face of the structure
· The present study confirmed the previous finding by Walkden et al. (2001), which noticed
the existence of strong impulsive loadings on the inner face of the wall, due to violent
overtopping events. However, the method proposed by the authors to predict the pressure
impulse associated with such events has been found to under predict experimental data,
regardless of the presence of air in the simulation.
· Three consecutive impulsive seaward load mechanisms were identified:
1. Pressure impulse generated by the re-entry of the overtopping plume (consistent with
Walkden observation);
2. Impulsive load caused by upward deflected; and
3. Impact force due to successive plunging breaker.
· The method of Takahashi et al. (1994) expectedly showed a significant under estimation
for each aforementioned loading mechanisms.
· The average of wave overtopping parameters namely its width, its height and length of air
pocket were properly estimated using wave reflection coefficient.
· Analysis of wave forces pressures showed that the air entrainments played a prominent role
in estimation of pressure impulse, but in global characteristics of wave loading the effect
of the air was mostly negligible.
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